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Abstract 
 
 Code based shear design provisions principally use a sectional force design procedure 
in which it is assumed that plane sections remain plane.  However, the shear capacity of a 
member may be limited by other shear related phenomena that are not captured in codes of 
practice.  These nontraditional limitations on the shear capacity of a member can result from 
incorrectly evaluating the shear stress that needs to be transmitted across a crack, shear-
compression failure along a web-flange interface, or insufficient capacity of longitudinal 
tension reinforcement at the support.   
 A series of 20 shear tests were completed on ten 52-foot long and 63-inch deep 
prestressed bulb-tee bridge girders cast with high-strength concrete.  An extensive amount of 
experimental data was gathered and advanced data analysis tools were utilized to evaluate 
these nontraditional limitations on shear capacity.   
 It was determined that interface shear transfer resistance in high-strength concrete is 
predicted well by relationships developed from tests on normal-strength concrete specimens.  
It was further observed that the angle of web-shear cracking was generally steeper than the 
angle of principal compressive stress as given by the AASHTO LRFD Bridge Design 
Specifications.  This difference in angles creates a significant shear demand on a crack that is 
not accounted for in the LRFD Specifications. 
 A method is presented for determining if a shear-compression failure along a web-
flange interface is a potential mode of failure for a prestressed bridge girder.  This approach 
provides a means of calculating the shear stress that must be transmitted across the interface 
as a function of the geometry and loading on the member as well as a means of calculating the 
shear resistance along the web-flange interface.  This method can be used to guard against a 
shear-compression failure by placing a limitation on the maximum shear capacity a member. 
 It was also determined that the requirement for longitudinal tension reinforcement near 
the support included in the 4th edition of the AASHTO LRFD Bridge Design Specifications 
may underestimate the demand on longitudinal tension reinforcement.  Alternatively an 
equilibrium based approach is presented for determining demand on longitudinal tension 
reinforcement near the support. 
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Chapter 1 
INTRODUCTION 
 
1.1 Background 
High-Strength Concrete (HSC) has become more readily available in recent years as 
some ready-mix plants have become able to reliably produce concrete with compressive 
strengths in excess of 20 ksi.  HSC offers many benefits to designers in the form of enhanced 
durability and economy gained from increased structural efficiency.   The use of HSC in 
combination with larger diameter prestressing strands can increase the flexural capacity of a 
given section.  This allows designers to increase the span lengths of bridge girders or decrease 
the number of girders supporting a given roadway while maintaining a constant span length. 
The use of HSC in the construction of bridges is limited due to restrictions placed on the 
concrete cylinder compressive strength (f’c) that a designer can specify.  The AASHTO LRFD 
Bridge Design Specifications 3rd Edition with 2006 Revisions limits the value of f’c to 10 ksi.  
This limitation exists due to a lack of experimental test data for members utilizing HSC and since 
current empirical code provisions were developed using test data from members cast with normal 
strength concrete.  In an effort to extend bridge design specification to HSC, the National 
Cooperative Highway Research Program (NCHRP) sponsored a series of research projects aimed 
at providing the necessary data to raise the current limit on the concrete compressive strength. 
Researchers at the University of Illinois received funding from the NCHRP to complete 
Project 12-56 – Application of the LRFD Bridge Design Specifications to High-Strength 
Concrete: Shear Provisions.  The experimental work for NCHRP Project 12-56 were carried out 
from March 2003 to September of 2005 in the Newmark Civil Engineering Laboratory.  The 
primary goal of NCHRP Project 12-56 was to investigate the feasibility of extending the shear 
provisions of the AASHTO LRFD Bridge Design Specifications to include concrete compressive 
strengths in excess of 10 ksi.  To accomplish this goal, an experimental testing program was 
carried out that involved conducting 20 shear tests on ten 52 foot long and 63 inch deep 
prestressed bulb-tee bridge girders.   
In addition to meeting the objectives of NCHRP Project 12-56, the large scale testing 
program, coupled with the availability of traditional and advanced measurement systems, 
provided the opportunity to conduct an in-depth investigation of the complete shear and end-
region response of large prestressed members. This report focuses on aspects of shear-related 
behavior that are outside of the traditional section force view of evaluating capacity as the sum of 
a concrete, Vc, and steel, Vs, contribution.  These other aspects are not commonly considered in 
design and have not been adequately investigated in previous research, but are critical for 
understanding how forces are locally transmitted and the factors that may limit the capacity of 
large and heavily stressed prestressed concrete members.  
 
1.2 Objectives 
The overall objective of this research is to investigate limitations on the shear capacity of 
a member that are not typically considered in design practice.  In order to achieve this objective, 
the following tasks were completed: 
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• A series of HSC prestressed bridge members and companion material tests were designed 
with a range of controlled experimental variables, constructed, instrumented and tested to 
failure.   
• A method for evaluating the shear stress on cracks in prestressed reinforced concrete 
when the angle of principal compressive stress is not coincident with the observed angle 
of cracking was developed.  A parametric evaluation was completed to assess the impact 
of differences in these angles.  
• Evaluation criteria were developed to determine the likelihood of a shear-compression 
failure based on the web-flange interface shear stress ratio.  The proposed procedure 
could supplement existing code-based limits on shear stress design ratios.  Experimental 
work by other researchers was evaluated using the proposed method to assess its general 
applicability. 
• An assessment of the demand placed on and capacity of longitudinal tension 
reinforcement in support regions was completed.  An alternative method to the LRFD 
based method for determining the demand on longitudinal tensile reinforcement was 
proposed. 
• An evaluation of the capacity of the longitudinal tensile reinforcement based on measured 
results and observed failure modes was completed. 
 
1.3 Organization and Structure of Report 
This report consists of 9 chapters and 12 appendices.  Chapter 2 presents a review of the 
history of shear design and a summary of code provisions that are relevant to the objectives of 
this research.  Appendix 11 provides detailed excerpts from codes of practice that are 
summarized in Chapter 2. 
Chapter 3 presents a review of previous research pertaining to relevant shear tests, bond 
tests, and shear friction experiments.  Additionally, some of the experimental results presented in 
this chapter are utilized to evaluate theories proposed herein.   
A summary of the experimental testing program is presented in Chapter 4. This includes 
the details concerning girder design, construction, material data, testing procedures, 
instrumentation, data acquisition, basic experimental results and data analysis methods.         
Chapter 5 summarizes the observed failure modes in detail and thereby presents the 
necessary background material for subsequent chapters that probe deeper into how forces are 
locally transmitted and the factors that control the capacity of critical mechanisms of resistance.  
 Chapter 6 begins with a presentation of the results of the companion shear friction tests 
that were completed as part of NCHRP Project 12-56.  An evaluation is then made of code 
provisions for interface shear transfer resistance and the underlying assumptions made in the 
derivation of the LRFD shear design provisions. This includes an examination of the LRFD 
assumption that the angle of cracking and the predicted angle of principal compressive stress are 
coincident. 
 Chapter 7 presents an in-depth examination of shear compression failures that may 
develop at the web-flange interface near the support. It begins with a review of the development 
of failure envelopes of concrete subjected to combined normal and shear stresses. This material 
is then expanded to evaluate the likelihood of shear compression failures and their link to the 
capacity of longitudinal tensile reinforcement.  A methodology is developed and presented for 
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evaluating when shear compression failures may occur and tested against observations made in 
the NCHRP 12-56 and other research programs.   
 Chapter 8 presents an evaluation of the demand on and capacity of longitudinal tension 
reinforcement. The demand calculated by the AASHTO LRFD method and a simple truss model 
is compared with the NCHRP Project 12-56 test data. The measured development of stress in 
strands in the test girders is also compared with the assumptions for this development in the 
LRFD code provisions.  
 Chapter 9 provides a summary of the conclusions and contributions from this research 
and makes suggestions for future work. 
 Appendices 1 through 10 are available online as a part of NCHRP Report 579 at the 
following web address: http://www.trb.org/news/blurb_detail.asp?id=7443.  Appendices 1 
through 10 provide detailed test information for each of the girders.  Appendices 11 and 12 
follow at the end of this document.  Appendix 11 contains the code excerpts that support the 
material presented in Chapter 2.  Appendix 12 contains reference material regarding analysis of 
detailed displacement data gathered during the experimental program.   
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Chapter 2 
SHEAR DESIGN METHODS AND PROCEDURES 
 
2.1 History and Development of Shear Design 
 This chapter presents a history of the development of shear design and an overview of 
design methods for reinforced concrete members.  Current design codes contain general shear 
design provisions that are intended for use when plane sections remain plane and additional 
detailing practices to prevent premature shear failures.  These additional details are not typically 
addressed in great detail in code based design and can negatively impact the performance of a 
member.  It is necessary to understand the theory behind the detailing practices presented in the 
code to evaluate performance of these provisions.    
  
2.1.1 Shear Design 
 The end regions of prestressed concrete girders are subjected to complex states of stress 
due to the development of prestressing strands and forces from support reactions.  A sectional 
design approach is often used to design the shear reinforcement for the end region of a member. 
This procedure does not adequately address the complex state of stress that occurs in this region.  
The deficiencies in the design procedure are addressed through the use of detailing practices that 
deal with the issues related to of spalling stresses, end region cracking, strand development, and 
demand on longitudinal tensile reinforcement.  Each of these design issues has a long history of 
development that has led to the current practice.  This section will detail the historical 
development of each of these issues as they pertain to shear design.  
 A truss model to understand the behavior of a reinforced concrete beam subjected to 
shear was first introduced in 1899 by a Swiss engineer, Ritter [2-1].  Ritter proposed the 
following equation for the design of vertical stirrups:  
 
s
jdfAV vv=            (2-1) 
 
where V is shear force, Av is the cross-sectional area of stirrup legs within the distance s, fv is the 
allowable tensile stress in the stirrups, jd is the internal moment arm, and s is the spacing of the 
stirrups.  A German engineer, Mörsch [2-2], independently developed a similar truss analogy that 
was published 1902.  The truss model analogy assumes that the bottom chord of the truss 
consists of longitudinal tensile reinforcement, the compression zone at the top of the beam acts 
as the top cord of the truss, and concrete between shear cracks carries a diagonal compression 
field that is lifted up by shear stirrups acting in tension.  Ritter and Mörsch neglected the tensile 
capacity of cracked concrete,  as well as any shear carried by the uncracked concrete in the 
compression zone, and assumed that the diagonal compressive stresses would act at a 45º angle.  
These assumptions ensured that the predictions by the truss model were conservative for most 
common designs. 
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 In 1952 Hognestad [2-3] published a historical review detailing the development of the 
profession’s understanding of diagonal tension and web reinforcement in reinforced concrete.  
The publication detailed the development of the building codes in both Europe and the United 
States from around 1900 to 1950.  Hognestad details tests on hundreds of reinforced concrete 
beams performed by Moritz and Withey at the University of Wisconsin and by Talbot at the 
University of Illinois; these tests took place between 1905 and 1910.  This early experimental 
work illustrated that the 45º truss model was indeed conservative.  Based on his experimental 
work, Withey [2-4, 2-5] found that Ritter’s equation 2-1 overestimated the stress in stirrups.  
Withey went on to hypothesize that the concrete in the compression zone could carry a 
considerable amount of shear after diagonal tension cracking in the web below the neutral axis.  
He also mentioned that dowel action in the longitudinal reinforcement could contribute to shear 
resistance.  In 1909, Talbot [2-6] presented results of a study on web stresses, the testing 
program included tests on 188 beams, and he also observed that Ritter’s equation 2-1 
overestimated the stress in stirrups.  Talbot went on to suggest that the stirrups should be 
designed to carry two-thirds of the total applied shear and the remaining third would be carried 
by the concrete in the compression zone.  Talbot also observed that the shear stress at failure 
varied with the amount of longitudinal reinforcement provided in a beam and with the length-to-
depth ratio of a beam.  Furthermore, he cautioned that weakness in diagonal tension in beams 
was undesirable due to the possibility of a sudden brittle failure and encouraged the use of 
stirrups to resist diagonal tension. 
 The work by Withey and Talbot began the development of shear design in the United 
States which has historically included a concrete contribution to shear resistance, Vc.   The 
concrete contribution was introduced to supplement the 45º truss model, and was based on test 
results of beams with little or no shear reinforcement.   
 
scn VVV +=            (2-2) 
 
Equation 2-2 shows that the nominal shear resistance, Vn, is simply the sum of the concrete 
contribution and the steel contribution, Vs.   
 The first American Concrete Institute (ACI) building code, then the National Association 
of Cement Users (NACU), was the NACU Standard No. 4 [2-7] and published in 1910.  The 
NACU Standard No. 4 indicated that the concrete should be considered to carry 40 psi and the 
rest of the shear resistance should be provided by web reinforcement in tension.  Further editions 
of the ACI code that were developed up until 1951 are detailed by Hognestad [2-3]; work by 
ACI committee 445 [2-8] documents the development of the ACI code and its approach for shear 
design up until the 1995 (318-95) edition of the code.   
 The shear provisions in the ACI code became less conservative as time passed and more 
experimental results were available that indicated that the concrete contribution could carry a 
higher proportion of the total shear force.  Unfortunately, many of the tests that were performed 
which demonstrated this trend were carried out on beams that were dissimilar to those 
constructed in the field.  Beams that were fabricated to investigate shear were often over 
reinforced in flexure, were much smaller than structures built in the field, and were often tested 
by applying concentrated loads near the support to ensure a shear failure.  Observations made by 
Talbot [2-6] that the length-to-depth ratio of a beam as well as the amount of longitudinal 
reinforcement could influence shear behavior had not yet been incorporated into the code.  The 
shear failure of beams at a warehouse located on Wilkins Air Force Depot in Shelby, Ohio [2-9, 
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2-10] in August of 1955 called into question the traditional shear design approach that ACI code 
had endorsed for the previous 45 years.  The warehouse failure reminded the civil engineering 
community of the complexity associated with design of reinforced concrete structures to resist 
shear and diagonal tension.           
 Work done by Ritter and Mörsch in the early 1900s was revisited after the warehouse 
failure as researchers tried to improve on the truss analogy model and incorporate the additional 
mechanisms that contribute to shear resistance.  The truss analogy model, as it existed in the 
early 1900s, enabled a designer to consider the affects of flexure and shear on a reinforced 
concrete beam simultaneously.  As the ACI code developed based on experimental results and 
empirical equations the truss model was used to design shear reinforcement that was required to 
provide shear resistance beyond what the concrete could provide.  Meanwhile, design for 
flexural resistance was based on a sectional approach independent of shear forces.  The ACI code 
had been treating the resistance of shear and flexure as two separate problems.  The demand 
placed on longitudinal reinforcement by the horizontal component of diagonal compressive 
stresses that resist shear forces was not explicitly accounted for in the code.  The requirement for 
longitudinal reinforcement in regions of low moment was generally satisfied by detailing 
practices that were in place to provide ductility and continuity.  This practice normally involved 
extending bars a length equal to the depth of the member (d) past the necessary point for 
satisfying the flexural requirements. 
 In 1964, Kupfer [2-11] completed work on a procedure for determining the angle of 
inclination of diagonal cracking by implementing a minimum energy principle.  His work led to 
the development of a variable angle truss model that allowed designers to more efficiently utilize 
shear reinforcement.  Additional work by Schlaich, Schäfer, and Jennewein [2-12] presented the 
concept of the strut-and-tie model as an extension to the traditional truss model.  The strut-and-
tie method was presented as a method to rationally design reinforcement for D-regions and 
reduce the need for detailing practices that allow for inconsistent design.  Further work by 
Ramirez and Breen [2-13] presented a modified truss-model approach for designing beams in 
shear.  The approach sought to make an improvement in the efficiency of designs as compared to 
the traditional 45º truss model by allowing for a concrete contribution to shear resistance and a 
variable angle of inclination for the compressive struts.         
 In addition to the advances in strut-and-tie models, work was being done by Collins and 
Mitchell [2-14, 2-15] to develop the compression field theory (CFT).  The CFT utilizes 
relationships for equilibrium, compatibility, and constitutive theory to predict the complete load 
vs. deformation response of a member subjected to shear.  Vecchio and Collins [2-16] presented 
the modified compression field theory (MCFT) in 1986.  The MCFT accounts for the tensile 
stresses that exist in the concrete between cracks.  The constitutive relationships that the MCFT 
is based on were developed through a testing program carried out at the University of Toronto 
that involved testing 30 reinforced concrete panels subjected to uniform states of biaxial stress.  
The MCFT is the rational model that forms the basis for the sectional design procedure that is 
currently implemented in the AASHTO LRFD Bridge Design Specifications.  Predictions of 
behavior resulting from the use of the LRFD provisions have good agreement with experimental 
results; however, some practicing engineers contend that the design procedure is tedious and 
does not provide the designer with an intuitive feel for the underlying principles of the method.  
In an effort to address these complaints a simplified design procedure was developed by Bentz, 
Vecchio, and Collins [2-17].  The simplified MCFT does not require use of tables to determine 
parameters and the calculations can be understood and carried out with ease. 
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2.1.2 Longitudinal Reinforcement at the Support 
In a simply supported prestressed concrete girder, the prestressing strands are located 
near the bottom face of the member to counteract the positive bending moment due to gravity 
forces.  When these strands are continued into the end region, there is a net negative moment that 
produces longitudinal tensile stresses at the top of the girder.  Code provisions limit the 
maximum permissible tensile stresses after strand release.  There are three primary ways to limit 
the magnitude of tensile stresses in the top fiber of a prestressed concrete beam: debonding 
strands, draping strands, or adding top strands.  Draped or harped strands are directed up near the 
ends of a prestressed member to decrease the eccentricity of the applied prestressing force.  This 
ensures that the tensile stresses in the top of the section and the compressive stresses in the 
precompressed tensile zone are within the allowable limits.  The vertical component of the 
prestressing force of the draped strands also contributes to the shear resistance of a prestressed 
concrete member.  Unfortunately, the procedure for draping strands is costly, time consuming, 
and may not provide a uniform level of prestressing force throughout the length of the strand [2-
18].  In addition, many prestressed / precast concrete plants are not capable of draping strands for 
deep I or bulb-tee sections. 
Debonding or blanketing strands is an alternative to draping strands to reduce tensile 
stresses at the top of members and compressive stresses in the precompressed tensile zone.  This 
is done by covering the strands with a plastic tube to prevent bond between the strand and 
concrete near the end regions of prestressed concrete girders.  This presents an attractive 
alternative to draping strands from a manufacturing point of view; it is much easier to slip a 
plastic sleeve over a straight strand than it is to drape a strand.  Experimental work preformed by 
Rabbat et al. [2-18] and Kaar and Magura [2-19] showed that debonded strands provide a safe 
and economical alternative to draped strands.   
As discussed in the previous section, various truss analogy models demonstrate that 
longitudinal reinforcement is necessary to resist shear forces in areas of low moment and high 
shear.  Unfortunately, the act of debonding strands decreases the capacity of longitudinal 
reinforcement available at the support.  Work done by Shahawy and his colleagues [2-20] 
included tests on prestressed members with debonded strands and indicated that debonding 
anymore than 50% of the strands in an end region could lead to shear failures with decreased 
ductility as compared to end regions with 25% of the strands debonded.  The treatment of 
longitudinal reinforcement at the support is varied between codes and will be discussed further in 
a subsequent section. 
 
2.1.3 Shear Friction in Reinforced Concrete  
  Shear friction theory was first proposed by Birkeland and Birkeland [2-21] in 1966.  
Additional work by Mast [2-22], and Hofbeck, Ibrahim, and Mattock [2-23] was also completed 
on the subject and supported the theory proposed by Birkeland and Birkeland.   The basic theory 
assumes that a crack occurs along a shear plane and reinforcement having a total area (Asf) and 
yield stress (fy) crosses the crack at a right angles.  Crack surfaces are assumed to be rough and 
irregular such that slip occurring along the crack forces the crack to open.  The opening of the 
crack stresses the steel in tension which in turn generates a compressive stress in the concrete 
across the crack surfaces.  A resistance to slip develops due to the friction between the rough 
crack surfaces which is enhance by the resistance to crack opening provided by the 
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reinforcement.  It is assumed that the crack opening is sufficient to cause yielding in the 
reinforcement and the shearing resistance along the crack is given by an equation of the form: 
 
ysfsf fAV μ=            (2-3) 
 
where Vsf is the shearing resistance along the crack, μ is a coefficient of friction, and Asf and fy 
were described previously. 
 The modified shear friction theory was proposed by Mattock and Hawkins [2-24] in 1972 
and included a “cohesion” term that accounted for the piece of aggregate bearing on the slip 
plane, shearing off of surface protrusions, and dowel action.  The equation is shown here: 
 
ysfcvsf fAAKV 8.01 +=            (2-4) 
 
where the first term represents the cohesion contribution, K1 is the cohesion coefficient, Acv is the 
area of concrete in the shear plane, and the rest of the terms are as defined previously.  
Experimental data was more closely represented by the modified shear friction expression. 
 Walraven [2-25] completed a series of shear friction experiments in 1981 where he kept 
crack widths constant throughout the test.  Vecchio and Collins [2-16] used Walraven’s data and 
proposed the following equation to describe the shear stress transferred across a crack, vci: 
 
max
2
max 82.064.118.0
ci
ci
cicici v
ffvv −+=        (2-5) 
 
where fci is the compressive stress across the crack in psi and vci max is the maximum shear stress 
that can be transmitted across the crack.  The expression for vci max is presented here:  
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where a is the diameter of the coarse aggregate in the concrete and w is the crack width (units for 
both are in inches).  The expression proposed by Vecchio and Collins is used in the MCFT to 
determine the maximum shear stress that can be transmitted across a crack. 
 Additional experimental work has been carried out more recently in an effort to extend 
shear friction provisions to higher strength concretes.  One of the fundamental assumptions of all 
of the theories presented above is a certain level of crack roughness.  Cracks have been observed 
to have much smoother surface in HSC since cracks are more likely propagate through the 
aggregate as the strength of the cement past approaches that of the aggregate.  
  
2.2 Codes of Practice 
 A review of specific design code provisions is presented in this section related to topics 
discussed in Section 2.1 including: design for shear resistance, demand on longitudinal tensile 
reinforcement, development of prestressed reinforcement, and shear friction resistance.  The 
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codes of practice that will be focused on include the AASHTO LRFD Bridge Design 
Specifications (LRFD) [2-26], the AASHTO Standard Specifications for Highway Bridges 
(AASHTO STD) [2-27], and the ACI 318-05 Building Code Requirements for Structural 
Concrete (ACI) [2-28].  Relevant excerpts from each code are included in Appendix 11.   
 
2.2.1 Design for Shear Resistance 
 The approach taken for shear design in prestressed concrete in the ACI Code and the 
AASHTO STD is fundamentally different from the approach taken in the AASHTO LRFD.  The 
provisions for shear in prestressed concrete presented in the ACI Code and AASHTO STD were 
developed from elastic equations for stresses in beams; unlike the provisions for shear in normal 
reinforced concrete which are empirical.  The shear provisions included in the AASHTO LRFD 
are based on the MCFT, a comprehensive behavioral model that considers the affects of axial 
load, flexure, and prestressing force when designing for shear.  Relevant code excerpts are 
presented in section A11.1 of Appendix 11.   
 A close inspection of the code provisions reveals that the ACI Code and the AASHTO 
STD are essentially identical in the basic implementation of shear design for prestressed concrete 
structures.  The remainder of this section will detail the major differences between the AASHTO 
LRFD and the ACI Code / AASHTO STD in their approach to shear design. 
 The first key difference that exists between the codes involves the determination of Vc, 
the concrete contribution to shear resistance.  The ACI Code and AASHTO STD define the 
concrete contribution to shear resistance as the amount of force that is required to initiate 
diagonal cracking.  For prestressed concrete structures this value is the lesser of the force 
required to cause web-shear cracking, Vcw, or flexure-shear cracking, Vci.  The concrete 
contribution to shear as defined by the AASHTO LRFD is the amount of shear force that the 
concrete is carrying when the structure the ultimate load is applied.  This is a significant 
difference because the AASHTO LRFD provides the designer with no provisions to determine if 
a member will be cracked in shear due to applied service loads. 
 Another significant difference between the codes exists in their approach to determining 
the amount of shear resistance provided by the transverse reinforcing steel.  The ACI Code and 
the AASHTO STD assume that cracking occurs at a 45-degree angle and provides reinforcement 
based on the 45-degree angle parallel cord truss model.  This assumption generally yields 
conservative results since the cracks are generally flatter than 45-degrees.  The number of 
stirrups crossing a crack and contributing to the shear resistance can be determined by dividing 
the depth of the section, d, by the spacing of the stirrups, s (d/s).  The LRFD approach to shear 
design implements a variable angle truss model for which the angle of cracking can be 
significantly less than 45-degrees.  The number of stirrups crossing a crack in the LRFD method 
is calculated by the expression dvcotθ/s. 
 The maximum design shear stress that is permitted with the LRFD code is equal to 
0.25f’c when no draped strands are present in the design.  The AASHTO STD and ACI Code 
limit the shear capacity that can be provided by transverse reinforcement to a shear stress of 
'8 cf .  The effect is that the LRFD specifications enable a member cast with 10,000 psi concrete 
to be designed for a shear stress that is 2 to 2.5 times the limit by AASHTO STD.  These limits 
on design shear stress are in place to guard against the possibility of a member failing in diagonal 
compression before the shear reinforcement yields.   
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 In addition to allowing for a much higher design shear stress, the LRFD also specifies a 
higher required minimum amount of shear reinforcement.  The LRFD and ACI Code both 
specify a minimum amount of transverse reinforcement that is proportional to the square root of 
the 28-day concrete compressive strength.  Minimum transverse reinforcement required by the 
AASHTO STD is determined independent of the concrete strength.  The required minimum 
amount of reinforcement is of little consequence in the end regions of girders since the shear 
stresses will generally require additional transverse reinforcement.  However, it is an important 
consideration for regions away from supports in prestressed girders because minimum 
reinforcement is often all that is provided.    
 One final, and possibly the most significant, difference between the codes is the method 
used for the design procedure.  The provision for shear design included in the LRFD is an 
iterative design procedure.  A designer evaluates the strain at the mid-depth of a member, εx, so 
that values of β and θ can be obtained from a table and used to calculate shear capacity.  
However, the strain at mid-depth is a function of θ and requires iteration to determine a solution.  
This process is not well received in practice as designers find the iteration process laborious and 
feel that obtaining values from a table cause engineers to lose a sense of understanding of the 
design process.  For this reason, the shear design provisions in the ACI Code and AASHTO STD 
are better received by designers.  A simplified version of the LRFD shear provisions has been 
introduced into the 2004 Canadian Standards Association “Design of Concrete Structures.”  The 
simplified method, which is detailed in a paper by Bentz, Vecchio, and Collins [2-17], provides 
equations for β and θ instead of using the tabular method implemented in the LRFD.  In addition, 
the simplified method eliminates the dependency of the strain at mid-depth on θ. 
 
2.2.2 Demand on Longitudinal Reinforcement 
 A large variation in the requirements for longitudinal tensile reinforcement in then end 
regions of girders exists between design codes.  Both the AASHTO STD and the ACI Code 
address the problem though the implementation of detailing rules that are intended to increase 
continuity and ductility.  The AAHSTO STD does not provide specific rules with regards to the 
detailing of longitudinal prestressed reinforcement in end regions; as a result, the code provisions 
for deformed bar reinforcement are presented.  The rules provided by the ACI Code are general 
and can be interpreted to include both pretressed and deformed bar reinforcement.    Relevant 
excerpts from the codes are presented in Section A11.2 of Appendix 11. 
 The provisions provided by the AASHTO STD and the ACI Code are essentially 
identical with regards to the detailing of longitudinal reinforcement in beams.  Reduced shear 
strength and a general loss of ductility have been exhibited in experiments when bars are cut off 
in a tension zone and are the reason that the rules have been implemented in the code.  Cutting 
off bars in the tension zone can lead to an early onset of flexural cracking that can lead to the 
development of flexure-shear cracks.     
 The LRFD approach considers the contribution of both deformed bar and prestressed 
reinforcement and addresses the problem by looking at the equilibrium of forces in the end 
region.  Figure 2.1 shows the free body diagram that was considered when deriving the 
expression that is presented in the LRFD code.  The demand on the longitudinal reinforcement is 
dependent on the angle of cracking and increases as the angle of cracking decreases.  
Development of the longitudinal reinforcement in the end region also needs to be considered 
since the reinforcement may not be fully developed at the critical section.  As a result, special 
consideration needs to be given to members with debonded strands.  Debonding the strands to 
11 
 
limit tensile stresses in the top of the beam may result in insufficient longitudinal capacity of the 
prestressing in the end region that will need to be compensated for by the use of deformed bar 
reinforcement. 
 
 
 
Figure 2.1 Forces Assumed in Resistance Model Caused by Moment and Shear  
(taken from Figure C5.8.3.5-1 of the LRFD Commentary [2-26]) 
 
2.2.3 Development of Prestressing Strands and Debonded Strands 
 Each of the three examined codes contains specific articles that pertain to the 
development of prestressing strands along with provisions for dealing with debonded or 
blanketed strands.  Excerpts from each of the codes are presented in Section A11.3 of Appendix 
11.  The LRFD presents the most detailed information on development length.  Excluding the 
“κ” factor included in LRFD the three codes would calculate identical development lengths.  
Each of the codes also recommends the doubling of development length for debonded strands.   
In addition, the LRFD recommends changing development length based on the depth of the 
member.  The only other minor difference between the codes exists in the calculated transfer 
length.  The LRFD fixes the transfer length at 60db while the ACI Code presents a transfer length 
that is dependent on the effective stress in the prestressing steel.  Figures 2.2 and 2.3 show the 
different interpretations of transfer length for the LRFD and the ACI Code respectively. 
 
12 
 
At nominal resistance of  member
Ef fective prestress
f ps
f pe
Steel 
Stress
60d b
l px
l d
End of  
member or 
f ree end   of 
strand
b
pxpe
px d
lf
f
60
=
( )
( ) ( )pepsbd bpxpepx ffdl
dl
ff −−
−+=
60
60
End of transfer length
 
Figure 2.2 Idealized Relationship between Steel Stresses and Distance from the Free End of 
Strand  
(taken from Figure C5.11.4.2-1 of the LRFD Commentary [2-26]) 
 
 
Figure 2.3 Idealized Bilinear Relationship Between Steel Stress and Distance from the Free End 
of Strand  
(taken from Figure R12.9 of ACI 318 R-05 [2-28]) 
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2.2.4 Shear Friction Provisions 
 The shear friction provisions that are detailed in each of the three codes are quite similar.  
Code excerpts are included in Section A11.4 of Appendix 11.  For cracked members the 
AASTHO STD and ACI Code consider interface shear transfer strength in terms of the resistance 
to crack opening provided by reinforcement crossing the shear plane and a coefficient of friction 
that is determined by the surface conditions of the shear plane.  The LRFD code includes a slight 
variation in the shear friction provisions and adds a term to account for cohesion, as discussed in 
Section 2.1.3, to the friction based equation used by the AASHTO STD and ACI Code.   
 
2.3 Summary    
 The shear behavior of end regions in prestressed concrete bridge girders is complicated 
due to the development of prestressing strands and large concentrated forces associated with 
support reactions.  Currently, the design codes that are most popular address problems with 
detailing practices in a way that attempts to deal with the issues on an individual basis and ignore 
the interactions which may occur between them.  The information presented in this chapter 
provides a base to start a detailed exploration into the flow of forces near the support and 
additional factors that can adversely influence the shear behavior of a member. 
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Chapter 3 
PREVIOUS RESEARCH 
  
 This chapter starts with an overview of a comprehensive shear database that demonstrates 
the need for the specific experimental work that was completed as a part NCHRP Project 12-56.  
This is followed by a review of previously completed research related to shear tests on 
prestressed concrete members, bond and development of prestressing strands, and shear friction 
experiments.  The materials presented within this chapter provide necessary development for 
subsequent chapters in this report. 
 
3.1 Shear Database 
A large shear database (SDB) has been developed as a joint venture between the 
University of Illinois at Urbana-Champaign and the University of Stuttgart, Germany.  An 
overview of this data base is presented in NCHRP Report 549 – Simplified Shear Design of 
Structural Concrete Members [3-1] while detailed information on the database is available as a 
part of Appendix C of NCHRP Web-Only Document 78 [3-2].   
The SDB presents information that has been gathered on 743 tests of prestressed concrete 
beams.  Of the 743 tests, 167 of the beams were rectangular in cross section, 535 were I-shaped 
and 41 were T-shaped.  Only 282 of the 743 beams contained transverse shear reinforcement.  
729 of the beams were simply supported and subjected to point loads; 6 beams were simply 
supported with an applied uniformly distributed load; and 4 beams were continuous across 
supports and subjected to a uniformly distributed load.  The 6 simply supported beams with the 
applied uniformly distributed load were part of the testing program for NCHRP 12-56.  Further 
reduction of the database by looking at beams with concrete compressive strengths in excess of 8 
ksi limits the number of available tests to 115.  A further look at the 115 tests shows that only 20 
of the beams had a depth greater than 30 inches; fortunately, most of these beams had shear-span 
to depth ratios (a/d) in excess of 2.5.   
The information presented in the shear database shows that there is a lack of test results 
available for large prestressed concrete bridge girders, especially for those with applied 
uniformly distributed loads.  The lack of experimental results for large members is even more 
significant since it has been shown that deeper members often fail at lower shear stresses than 
smaller members and most bridge girders in the field have depths well in excess of 30 inches 
deep.  Members in the field are also more likely to be subjected to a uniformly distributed load or 
a series of moving point loads that are more closely approximated by a uniformly distributed 
load than a single point load near the support.  Many shear tests are preformed by applying a 
single point load near the support; this creates an unrealistic condition that puts an excessive 
demand on the longitudinal reinforcement by creating the maximum shear and maximum 
moment at the same location along the length of the beam.  Applying a concentrated load near 
the support is a commonly used testing procedure to evaluate the development length of 
prestressing strands.  In prestressed structures the shear resistance is related to the capacity of the 
longitudinal reinforcement and is most certainly a function of the manner in which the load is 
applied.     
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3.2 Shear Tests of Prestressed Concrete Girders  
 Due to the large amount of information available on the topic only selected experimental 
research will be discussed in detail in this section.  The information provided in the following 
sections presents work that provided a basis for the shear design provisions in the ACI Code and 
AASHTO STD Specification as well as more recent full scale tests on standard bridge girder 
shapes that utilize 0.6-inch diameter prestressing strands. 
 
 3.2.1 UIUC Engineering Experiment Station Bulletin 493 
 An extensive experimental research program was conducted by Olesen, Sozen, and Siess 
[3-3] to evaluate the shear strength of prestressed concrete beams with web reinforcement.  This 
work took place at the University of Illinois at Urbana-Champaign between 1957 and 1965 and 
included obtaining experimental results from 129 tests on simply-supported prestressed concrete 
beams.  Bulletin 493 details the experimental testing program and outlines a procedure for shear 
design in prestressed concrete beams that formed the basis for the code provisions in the 
AASHTO STD Specification and subsequently the ACI Code.  A summary of the relevant 
details included in the report are presented in the remainder of this section. 
 The beams that were tested had overall dimensions of 6 inches wide and 12 inches deep.  
Of the 129 beams 5 were rectangular in cross section, 114 were I-shaped of which 61 had a web 
width of 3 inches and 53 had a web width of 1.75 inches, the remaining 10 beams were I-shaped 
with 1.75 web widths and a 2-inch thick by 24-inch wide composite non-prestressed deck.  The 
amount of prestressed longitudinal reinforcement varied between 0.0467 % and 0.713 % while 
the amount of transverse ranged from none to 0.67 % with stirrup spacing between 1.875 and 
10.5 inches.  Measured concrete strengths varied from 2500 to 7600 psi. 
 All of the beams were tested by applying one or two concentrated loads; the shear span 
varied between 28 and 78 inches.  From the 129 tests it was determined that 60 of the beams 
failed in shear, 54 failed in flexure, 13 failed in the transition region, and 2 failed due to bond 
slip.  The 54 shear failures could be categorized into two groups: shear-compression failures and 
web-distress failures.  A shear-compression failure was characterized by crushing of the concrete 
at or near the top of a diagonal tensile crack.  Distinguishing characteristics allowed the web-
distress failures to be divided into two categories; secondary inclined tensile cracking and 
separation of the bottom flange from the web, both of which generally precipitated web crushing.  
The researchers observed that web-distress failures predominately occurred in beams with thin 
webs and a high prestressing force.  It was also observed that increasing the amount of transverse 
reinforcement would cause the failure mode to change to a shear-compression failure; further 
increasing the amount of transverse reinforcement would induce a flexural failure.    
   
3.2.2 Louisiana Transportation Research Center: 72-inch Bulb-Tees 
Work completed by Bruce, Russell, and Roller [3-4, 3-5] focused on the flexural fatigue 
and static shear behavior of high performance concrete (HPC) bulb-tee girders.  The part of this 
study that is relevant involves the static shear tests that were preformed.  Three 96-foot long, 72-
inch deep, precast, prestressed bulb-tee girders were tested to evaluate their behavior under 
flexural fatigue.  After the fatigue testing was complete the girders were cut in half and the six 
girder ends were tested to evaluate their shear strength.   
Of the three girders, two were designed using the AASHTO LRFD Bridge Design 
Specifications, 2nd edition, 1998, with the 2000 interim revisions.  The third girder was designed 
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using the AASHTO Standard Specifications for Highway Bridges, 16th edition, 1996.  All of the 
girders had 0.6-inch diameter prestressing strands for longitudinal reinforcement; all of the 
strands were straight and fully bonded in the end regions.  The measured concrete strength for 
the girders varied between 11.3 and 12.7 ksi.  Transverse shear reinforcement was provided in 
the form of conventional deformed bars at one end of each girder while welded wire fabric was 
provided at the other end.  Each girder had an 8 inch thick by 10 foot wide composite reinforced 
concrete deck that was cast in place prior to testing.   
The shear tests were conducted with each beam half simply supported on a 46 feet 8 inch 
or a 43 feet span.  The load was applied by three concentrated loads, the first of which was 
located 10 feet from the centerline of the support.  The two other concentrated loads were 
applied at three foot intervals from the first load application point.  Figure 3.1 shows a schematic 
of the testing configuration that was used to evaluate the shear strength of the girders.  The shear 
tests were conducted by applying an incremental monotonic loading until the specimen could no 
longer resist additional load or the capacity of the loading equipment was reached. Data gathered 
during the shear tests included: vertical displacement at maximum moment (see Figure 3.1), 
stand slip, and strain of select transverse reinforcement bars.   
The measured shear strength of all 6 test specimens exceeded the ultimate shear strength 
predicted by the AASHTO LRFD Specifications from 25 to 100%.  The authors partially 
attributed the significant difference between measured and predicted shear strength to the close 
proximity of the first concentrated load to the support for it was suspected that loads were being 
transferred directly to the support via a compressive strut.   
 
 
Figure 3.1 Shear Test Configuration  
(taken from LTRC Report 382 [3-4]) 
 
19 
 
 
 
Figure 3.2 Specimen BT8-Dead after Shear Failure  
(taken from LTRC Report 382 [3-4]) 
 
3.2.3 Structures Research Center – Florida DOT: AASHTO Type II Girders 
Shahawy, Robinson and Batchelor [3-6] published “An Investigation of Shear Strength of 
Prestressed Concrete AASHTO Type II Girders” in January, 1993.  The research program 
featured the load testing of 33 full-size AASHTO type II girders which took place at the Florida 
Department of Transportation’s Structures Research Center in Tallahassee, Florida.   
The primary variables that were controlled in the study were the percentage of debonded 
strands, the size of the prestressing strand, and the amount of web shear reinforcement.  
Transverse reinforcement was typically provided using conventional deformed bars although 
some of the specimens were constructed with welded wire fabric instead of deformed bars.  The 
overall objectives were to investigate the transfer and development lengths of prestressing 
strands, evaluate the shear strength of the girders, and evaluate the effect of debonded strands on 
development length and shear strength.   
The girders in the study were designed according to the AASHTO Standard 
Specifications for Highway Bridges, 14th edition, 1989 with 1990 and 1991 Interim revisions and 
were fabricated with ½”, ½” special, or 0.6” diameter prestressing strands.  The design concrete 
compressive strength (f’c) for each of the girders was 6000 psi.  An 8 inch thick 42 inch wide 
reinforced concrete composite deck with a design concrete compressive strength of 4000 psi was 
also cast in place on each of the girders prior to testing.          
Each girder was subjected to a single concentrated monotonic load that was applied 
incrementally until failure occurred.  The first end of each girder was tested on a 40 foot simply 
supported span.  Span length varied for testing the second end of each girder as the support was 
moved to avoid damage in the failed end.  The distance where the concentrated load was applied 
from the end of the girder was varied throughout the testing program as well.  Shear span ratios 
(a/d) ranged from values of 1.3 to 4.8.  The strand slip relative to the end of the beam for all of 
the prestressing strands was measured by a series of LVDTs on each strand; additional strain and 
deflection gages were placed on the specimen to allow for data collection during the test.  
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This research study provided significant information detailing the performance of girders 
with debonded strands.  As described in Chapter 2, this research program had a significant role in 
the limit imposed on the number of strands that can be debonded according to the ACI Code, 
AASHTO STD, and AASHTO LRFD.  Validity of some of the shear tests is an area of concern 
for the smaller values of shear span ratio since much of the applied force would have been 
transferred to the support via direct compressive strut. 
 
3.2.4 Ma, Tadros, and Baishya: NU 1100 I-Girders 
 Work completed by Ma, Tadros, and Baishya [3-7, 3-8] was focused on experimental 
evaluation of an acceptable shear limit for thin webbed prestressed HSC I-girders.  The testing 
program included 5 shear tests that were carried out on NU1100 I-girders.  Two girders were cast 
and labeled A and B both were 78 feet in length.  Both members were prestressed with ½ inch 
diameter, grade 270 low relaxation 7-wire strands.  Specimen A had 30 strands, 4 of which were 
draped at one end, while 4 were debonded at the other end.  Meanwhile, Specimen B was 
constructed with 38 straight strands with 12 debonded at each end of the member.  Transverse 
reinforcement was provided in the form of conventional deformed bar reinforcement in one end 
of Specimen A while the other end had welded wire reinforcement both of which had a specified 
yield strength of 60 ksi.  Specimen B had welded wire reinforcement in both ends with a 
specified yield strength of 80 ksi.  A 7.5 inch deck was cast composite across the entire top 
flange for both members prior to testing.  The prestressing strands were bent up at the end of 
each member and cast into a diaphragm to provide additional anchorage.  The concrete strength 
for Specimen A was 8100 psi while Specimen B had a reported strength of 10,780 psi both 
values were measured at the time of testing. 
 The shear tests were carried out in the following manner.  For the first test the member 
was simply supported on a 76 foot span and 3 loading frames were used to apply load at one end 
of the member.  The first loading frame was located at a distance of 4.5 feet from the mid-point 
of the support while the second and third frames were 8.5 and 12.5 feet from the support 
respectively.  After the first end of the member failed in shear the loading frames were moved to 
the other end of the member and the support on the failed end was moved towards midspan so 
that the failed end of the member was cantilevered out past the support and would not be affected 
by the applied loading.  The span length for the second test was 61 feet.  A fifth test was 
completed by cutting the failed section off of one end of the member and moving the supports.  
Instrumentation for the tests included strain gages attached to transverse reinforcement at 
approximately the mid-height of the web.  Deflection measurements were taken at the quarter 
point and at midspan. 
 Of the five attempted tests four resulted in failures, while the capacity of the testing 
equipment was reached before a failure occurred for one specimen.  The ultimate loads for 
members that had prestressing strands bent up and cast into external diaphragms exceeded the 
capacity predicted by the AASHTO LRFD by a range of 10 to 65%.  In these cases shear stress 
ratios exceed 0.25f’c.  The researchers went on to suggest that strand anchorage was a 
contributing factor to the high shear resistance that was achieved.  No mention was made of the 
possibility that a significant amount of load may have been transmitted to the support through 
arch action.  This should a valid concern given that the first load application point was located at 
a distance of 1.06 times the height of the member from the mid-point of the support.   
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3.3 Bond for 0.6-inch Prestressing Strands 
 A significant amount of experimental and analytical work has been carried out pertaining 
to the bond performance of prestressing strands.  The topic of bond performance is pertinent in 
the context of end region behavior since failures can be precipitated by strand slip.  Concern also 
arises when evaluating the capacity of the longitudinal reinforcement because this often occurs at 
a location where the capacity of the strand is not fully developed.  In an effort to present the most 
recent and relevant work the experimental programs described in this section focus on the use of 
0.6-inch diameter strands.  The most relevant programs focus on the use of 0.6-inch diameter 
strands in conjunction with high strength concrete.         
  
3.3.1 Shahawy 
 The work presented by Shahawy [3-9] presents an evaluation of the current AASHTO 
provisions for strand development length in prestressed concrete members.  A general approach 
is taken to address the problem with application to prestressed slabs and piles in addition to 
bridge girders.  Some of the experimental data for the development length in girders was 
produced from the Florida DOT Structures Research Center testing program on AASHTO Type 
II girders that was discussed in Section 3.2.3.   
 Shahawy’s work reveals a significant effect on development length that he links to a 
shear-flexure interaction.  Since the common method for accessing development length involves 
decreasing the shear span ratio until a failure is initiated by strand slip, this is not surprising.  
This type of a test creates a situation where the maximum shear and moment occur at the same 
location in the member which will not always be the case in practice.  Nevertheless, an 
expression that accurately predicts development length based on this type of test should 
generally be conservative which is desirable considering that failures related to strand slip can be 
quite brittle.  Shahawy states that for members in excess of 24 inches deep the current AASHTO 
provisions are too conservative and proposes a simple and rational approach for predicting strand 
development length that on average provides a development length 20% greater than an 
experimentally measured value with a standard deviation of 0.15.  
  
3.3.2 Gross and Burns 
 Work completed by Gross and Burns [3-10] focused on the use of 0.6-inch diameter 
prestressing strands in conjunction with high strength concrete.  The transfer and development 
lengths of the prestressing strands were evaluated during the construction and experimental 
testing of two Hoblitzell-Buckner beams.   
Each of the 42 inch deep 14 inch wide rectangular beams had one row of 0.6-inch 
diameter strands placed at a 2 inch center-to-center spacing with 2 inches of cover.  Selecting the 
rectangular cross section for the beam design eliminated the potential for web-shear cracking due 
to the width of the web.  It was desirable to control web shear cracking so that it would not 
initiate a general bond failure for the prestressing strands.  Shear reinforcement was also 
provided in the form of U-shaped #4 bars at 18 inch spacings.  Measured concrete compressive 
strength was 13.2 ksi when development length testing occurred.   
Transfer lengths were measured when the strands were released using a DEMEC gage to 
determine the strain in the concrete at the level of the prestressing strands.  Evaluation of the 
development length involved an iterative test procedure that required adjusting the shear span to 
obtain a failure initiated by bond slip.  Each beam end provided an opportunity to determine the 
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development length.  The beams were 44.5 feet in length and simply supported with one end 
cantilevered on a span that ranged from 18 to 30 feet.  The load was applied on the simply 
support span with the cantilever end was unloaded.  Leaving the cantilevered end of the beam 
unloaded prevented damage to that end during the first test on a beam.  After one end of the 
beam failed the supports were moved such that the previously tested end was cantilevered and 
the undamaged end was now included in the simply supported span and could be loaded to 
failure.  The shear spans varied from 6 to 13 feet while the embedment lengths varied from 78 to 
163 inches.  Each of the six prestressing strands was outfitted with an LVDT to measure the 
strand slip relative to the end of the beam as load was applied.   
The relevant results and observations of the experimental program are presented here.  
All four of the tests resulted in flexural failures; this indicates that the development length of the 
strands was less than 78 inches.  The average transfer length was measured to be 14.3 inches.  
These results show that the current code provisions for determining transfer and development 
lengths are conservative.  However, it is noted that little experimental data is available that 
involves 0.6-inch strands in combination with high strength concrete.  Additional research was 
suggested as the use of high strength concrete and 0.6-inch strands becomes more prevalent. 
 
3.3.3 Barnes, Burns, and Kreger  
 An extensive experimental research program was directed by Barnes, Burns, and Kreger 
[3-11] to evaluate the anchorage behavior of 0.6-inch prestressing strands at 2 inch center-to-
center spacing in full scale bridge girders.  The program involved the construction and testing of 
36 AASHTO Type I beams, with lengths of 40 and 54 feet, in an effort to characterize transfer 
and development lengths.  Girders were cast in pairs providing four ends with identical strand 
anchorage details and the same concrete material properties.  For each pair of girders three ends 
were tested to determine the development length for a particular combination of primary 
variables (concrete strength, strand surface condition, and strand debonding configuration) and 
the forth end was tested to evaluate the potential benefit of providing horizontal web 
reinforcement.  Anchorage characteristics of partially debonded strands were also evaluated; 
some girders had up to 75% of the total number of strands partially debonded.  Concrete 
compressive strengths ranged from 5.7 to 14.7 ksi.  Each girder was topped with a 6.5 inch thick 
60 inch wide reinforced cast-in-place composite deck prior to development length testing.   
 Transfer lengths were determined by measuring surface strains using a mechanical strain 
gage to record surface displacements before and after the strands were released.  The evaluation 
of development length was done indirectly by testing multiple girders with various shear spans 
and embedment lengths.  A test procedure and setup that was similar to the one described in 
Section 3.3.2 was utilized.  One end of the beam was simply supported and the other end was 
cantilevered beyond the support to prevent damage and allow testing of both ends.  Load was 
applied incrementally until failure occurred.  Failures were classified as bond, flexural with slip, 
and flexural.  Detailed data was recorded for strand slip, girder displacement, and concrete 
surface strains though out the each test. 
 A summary of relevant findings and observations is presented here.  The work showed 
that concrete strength did not have a significant affect on the development length.  Partially 
debonded strands were able to resist general bond slip provided that no cracking crossed the 
bonded portion of the strands within the transfer length or within 20db of the end of the transfer 
length.  This observation held true for members with up to 75% of the strands partially 
debonded.  It was also observed that the addition of horizontal web reinforcement did not have a 
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significant impact on strand development length.  The impact of horizontal web reinforcement is 
believed to have an impact when the loss of bond capacity initiates a shear failure.  Had the 
vertical shear reinforcement that was provided been decreased to allow shear failures to develop 
it is expected that the horizontal web reinforcement would enhance the strength.  
  
3.4 Shear Friction Tests 
 A significant amount of work has been completed in the past to evaluate the amount of 
shear that can be transmitted across a crack in reinforced concrete.  The information presented in 
this section provides details of experimental programs that focused on both uncracked and 
initially cracked specimens. 
 
3.4.1 Hofbeck, Ibrahim, and Mattock  
 An extensive study of shear friction was completed by Hofbeck, Ibarhim, and Mattock 
[3-12] in an effort to evaluate variables that affect shear transfer across a plane.  The 
experimental program involved the testing of 38 push-off specimens some with and some 
without pre-existing cracks along the shear plane.  Experimental variables that were controlled 
included the number of stirrups crossing the shear plane which ranged from 1 to 6, the size of 
reinforcing bars crossing the plane which ranged from #3 to #5, and concrete strength which was 
ranged from 2400 to 4500 psi.  Measurements were recorded for he applied load and slip along 
the shear plane. 
 The researchers concluded that initially cracked specimens exhibited reduced shear 
transfer strength and increased levels of shear slip for all levels of applied load in comparison to 
uncracked specimens with identical reinforcement.  They also observed that shear resistance 
along the plane was primarily a function of amount and strength of reinforcement provided 
across the plane.  Additionally, a method was proposed that utilized the Zia failure envelope to 
derive a relationship between the shear transfer strength and the reinforcement ratio for 
uncracked concrete. 
 
3.4.2 Mattock and Hawkins 
 Mattock and Hawkins [3-13] reported experimental results for a total of 28 shear friction 
experiments.  Two different types of tests were completed on both uncracked and initially 
cracked specimens.  The first type of test was referred to as a pull-off test.  The concept of the 
pull-off test is similar to that of a push-off test except the external load is applied in tension 
instead of compression.  A modified push-off test was the second type of specimen that was 
prepared.  The modified push-off specimen featured an inclined shear plane that was subjected to 
both shear and normal forces resulting from the applied external load.  Both types of specimens 
were tested with initially cracked and uncracked specimens.  Concrete strengths varied from 
4000 to 6000 psi. 
 Several observations were made from this experimental program that had not been 
previously reported by other researchers.  It was observed that direct tension parallel to the shear 
plane reduced the shear transfer strength of initially cracked specimens but did not impact the 
strength of uncracked specimens.  Additionally, it was observed that an externally applied 
compressive stress acting normal to the shear plane could be added to the resistance to crack 
opening provided by the reinforcement to predict the ultimate strength for both uncracked and 
initially cracked specimens. 
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3.4.3 Kahn and Mitchell 
 The primary objective of the work completed by Kahn and Mitchell [3-14] was to extend 
previous research on interface shear transfer to concrete strengths greater than 7000 psi.  Most of 
the existing experimental work had been completed on normal strength concrete and the work by 
Kahn and Mitchell provided interface shear transfer resistance results for both initially cracked 
and uncracked test specimens with concrete strengths up to 18 ksi.  Tests were completed on 50 
push-off specimens that were modeled after the ones used by Hofbeck, Ibrahim, and Mattock as 
mentioned in Section 3.4.1.  Experimental variables included concrete strength ranging from 7 to 
18 ksi, and the number of stirrups crossing the shear plane.  Kahn and Mitchell concluded that 
the existing code provisions in the ACI Code provide conservative results for the shear friction 
resistance for high-strength concrete. 
 
3.5 Summary 
A summary of various experimental programs related to the shear resistance of 
prestressed concrete girders, bond of prestressing strands, and shear friction resistance has been 
presented.  The material presented represents a small amount of the information that is available 
and was presented because of its relevance to the behavior of mechanisms discussed in 
subsequent chapters.  It is worth noting that the testing procedures described in the previous 
sections are quite similar whether the goal is measuring shear resistance or evaluating strand 
development lengths.  The factor that determines what type of test is performed is the design of 
the test specimen.  In the end regions the interaction between shear, moment, and axial forces is 
significant and cannot be ignored.  The introduction of 0.6-inch diameter strands and HSC into 
common construction practice warrants additional experimental research to ensure that the 
behavior of these materials is understood. 
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Chapter 4 
SUMMARY OF TESTING PROGRAM 
  
4.1 Background 
  As described in Chapter 3, there is a lack of experimental test results that focus on the 
shear strength of large prestressed concrete bridge girders subjected to a uniformly distributed 
load (UDL).  In order to investigate the possibility of extending the shear provisions to include 
higher strength concrete it was determined that it was necessary to obtain experimental results 
for shear tests on large prestressed concrete bridge girders subjected to a UDL.   
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Figure 4.1 Geometry of 63-inch Bulb-Tee Girders with Slabs  
 
The experimental program that provided data for this project consisted of 20 tests that 
were carried out on ten 52-foot long 63-inch deep prestressed bulb-tee bridge girders.  Each 
girder was simply supported on a 50-foot span and designed to support a distributed load applied 
over the central 44 feet of the span.  A 10-inch composite deck was cast in-place on each girder 
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prior to testing.  Figure 4.1(a) shows the overall cross-sectional geometry of a test specimen 
while Figure 4.1(b) displays the elevation view of a girder.   
The primary variables of the experimental program included: concrete strength which 
varied between 10 and 18 ksi, design shear stress which ranged from 700 to 2500 psi, strand 
anchorage details (straight, draped, or debonded), and end region reinforcement details (bar size, 
bar spacing, and level of confinement).  Various shear failure mechanisms were explored by 
adjusting the primary variables for each of the tests.  Shear failure mechanisms that were 
observed included: stirrups yielding and rupturing, stirrups yielding in combination with 
localized diagonal web crushing, localized diagonal web crushing without stirrups yielding, 
shear-compression failures at the web / bulb interface, distributed diagonal crushing, and failures 
driven by strand slip.  The two halves of any one girder were designed differently and designated 
East (E) and West (W) based on there geographic location in the testing area.  One end of each 
girder was designed to fail first.  This enabled advanced instrumentation systems to be 
concentrated at the end of the girder where failure was most likely and guarded against a 
simultaneous failure.  After failing one end of a girder the damaged section was repaired and 
strengthened prior to reloading the girder to fail the other end.    
 
4.2 Summary of Girder Designs 
The girders were designed in accordance with the AASHTO LRFD Bridge Design 
Specifications 2nd edition with 2001 revisions with the exclusion that no limit was placed on f’c 
for any calculations.  As specified in Article 5.8.3.2 when the reaction force introduces 
compression into the end region of the member the location of the first critical section for shear 
shall be taken as the larger of 0.5 dv cot θ1 or dv from the internal face of the support, where dv, 
and θ1 are measured at the critical section for shear.  Adequate shear reinforcement is 
d cotv θ
0.5d cotv θ0.5d cotv θ 0.5d cotv 2θ 0.5d cotv 2θ
d cotv 2θ
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Figure 4.2 Layout of Shear Design Regions  
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provided to resist the shear force at the critical section.  The same amount of reinforcement is 
provided over a distance that starts at the inside face of the support and extends a distance of dv 
cot θ1 towards midspan.  The second critical section is taken at a distance of dv cot θ1 + 0.5 dv cot 
θ2 from the inside face of the support.  Again, adequate shear reinforcement is provided at the 
second critical section and the same level of reinforcement is provided from a distance of dv cot 
θ1 from the inside face of the support and extends for a distance of dv cot θ2 towards midspan.  
This procedure is repeated as many times as necessary to complete the shear design.  Figure 4.2 
is a diagram that displays a typical layout of shear design regions.  As a result of using this shear 
design methodology, described here and explained in the AASHTO LRFD commentary, 
theoretically the beams are just as likely to fail at the first critical section as they are at the 
second, third, etc.  Each of the girders was designed to have a factor of safety against flexural 
failure that varied between 1.1 and 1.4.  This factor of safety was chosen in an effort to ensure 
shear failures would occur and to minimize over design for flexural behavior so that the designs 
would still be as realistic as possible. 
The design parameters of each of the 10 girders are provided in Table 4.1.  Values 
included in Table 4.1 include the number of prestressing strands, design concrete compressive 
strength, and the amount of transverse shear reinforcement for each shear design section.  Table 
4.2 provides a summary of the values that were used in each step of the LRFD procedure to 
predict the shear capacity for each girder end.  Figure 4.3 shows the reinforcement layouts, 
strand patterns, and end region details for each of the 10 test girders.  Figure 4.4 shows the 
details of various reinforcing bars used in girder fabrication that are referenced in Figure 4.3.  
Detailed design summaries for each girder are presented in the appendices.   
As mentioned previously, there are many different mechanisms that can develop to 
precipitate a shear failure.  The girders were designed in a manner to investigate the potential 
mechanisms.  This was done by controlling the concrete strength, amount of shear reinforcement, 
strand configuration and end detailing.  Brief summary descriptions of the features of each girder 
are provided here along with the objectives associated with testing each girder.   
Girder 1 was designed to evaluate the shear behavior of a high-strength concrete girder 
designed for a low to moderate shear stress level and the influence of draped strands on shear 
performance.  The girder was designed utilizing a specified concrete compressive strength of 10 
ksi.  The design shear stress at the first critical section (0.5 dv cot θ1 from the inside face of the 
support) was 0.12 f’c (1.2 ksi).  Article 5.8.3.3 of the AASHTO LRFD Bridge Design 
Specifications limits the nominal shear resistance, Vn, to 0.25 f’c bv dv + Vp which corresponds to 
a maximum design shear stress (vn) of 0.25 f’c if the vertical component of the prestressing is not 
considered.  Based on this limit the design shear stress for girder 1 is considered to be in the 
moderate to low range.  The shear reinforcement, double-legged #4 bars at 12-inch centers (ρvfy = 
389 psi), provided at the first critical section for both ends of the girder was identical.  The 
longitudinal reinforcement consisted of 34 0.6-inch diameter 7-wire strands.  The strands were 
fully bonded and straight at the East end of the girder.  At the West end of the girder 6 strands 
were draped.  It was anticipated that the draped strands would increase the shear capacity of the 
West end of the girder due to the vertical component of the prestressing force and the improved 
flow of forces in the end region.  Additional longitudinal reinforcement was provided at the East 
end of the girder in the form of four #8 bars that extended 55 inches from the end of the girder 
towards mid-span. 
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Table 4.1 Design Parameters for 63-inch Bulb-Tee Girders 
Test 
Specimen 
f’c, 
(ksi) 
bw, 
(in) 
dp a, 
(in) 
Designed
v/f’c 
Number of Strand
(φ 0.6”) ρp
 b, 
(%) 
fpe, 
(ksi)
ρvfy e,
(psi)
Shear Reinforcement 
bottom top Sect.1 c Sect.2 c Sect.3 c
G1E 10.0 6  68.50 0.12 32-straight 2  1.70 134.5 389 2-#4 @12” 
2-#4 
@24” - 
G1W 10.0 6 68.50 a 0.11 26-straight + 6-draped 2 1.70
 b 134.5 389 2-#4 @12” 
2-#4 
@24” - 
G2E 10.0 6  67.32 0.18 38-straight 2  2.05 125.9 745 2-#5 @11” 
2-#5 
@17”
2-#4 
@22”
G2W 10.0 6 67.32 a 0.17 32-straight + 6-draped 2 2.05
 b 125.9 745 2-#5 @11” 
2-#5 
@17”
2-#4 
@22”
G3E 14.0 6 67.67 0.12 42-straight 2  2.26 116.4 565 2-#4 @8” 
2-#4 
@12”
2-#4 
@24”
G3W 14.0 6 67.67 0.12 42-straight 2 2.26 116.4 565 2-#4 @8” 
2-#4 
@12”
2-#4 
@24”
G4E 14.0 6 67.67 0.17 42-straight 2 2.26 116.4 1113 2-#5 @6” 
2-#5 
@10”
2-#5 
@24”
G4W 14.0 6 67.67 0.17 42-straight 2 2.26 116.4 1113 2-#5 @6” 
2-#5 
@10”
2-#5 
@24”
G5E 18.0 6 70.00 0.05 24-straight - 1.25 141.6 169 2-D11 @20” d - - 
G5W 18.0 6 70.00 0.05 24-straight - 1.25 141.6 140 2-#3 @20” - - 
G6E 18.0 6 67.67 0.10 42-straight 2 2.26 123.4 557 2-#5 @12” 
2-#5 
@20”
2-#3 
@24”
G6W 18.0 6 67.67a 0.08 42-straight (18 debonded) 2 2.26 
b 123.4 557 2-#5 @12” 
2-#5 
@20”
2-#3 
@24”
G7E 14.0 6 67.67 0.12 42-straight 2 2.26 116.4 577 2-#4 @8 
2-#4 
@12 
2-#4 
@24 
G7W 14.0 6 67.67 0.04 42-straight 2 2.26 116.4 119 2-#4 @8 
2-#3 
@23 - 
G8E 14.0 6 67.67 0.12 42-straight 2 2.26 116.4 577 2-#4 @8 
2-#4 
@12 
2-#4 
@24 
G8W 14.0 6 67.67 0.12 42-straight 2 2.26 116.4 577 2-#4 @8 
2-#4 
@12 
2-#4 
@24 
G9E 8.0 6 66.88 0.25 34-straight 2 1.85 131.4 1040 2-#5 @6.5 
2-#4 
@7.5 
2-#4 
@24 
G9W 8.0 6 66.88a >0.25 24-straight + 8-draped 2 1.85
 b 131.4 1690 2-#5 @4 
2-#4 
@7.5 
2-#4 
@24 
G10E 16.0 6 66.88 0.12 34-straight (8-debonded) 2 1.85 138.1 751 
2-#5 
@9 
2-#4 
@10 
2-#4 
@22 
G10W 16.0 6 66.88a 0.12 24-straight + 8-draped 2 1.85
 b 138.1 751 2-#5 @9 
2-#4 
@10 
2-#4 
@22 
a) dp: effective depth at midspan, b) ρp: longitudinal reinforcement ratio based on effective depth 
at midspan, c) For the location of each section, see drawing of each specimen, d) Two layers of 
WWR were used (20×20-D11×D11), e) ρvfy: stirrup strength at the first critical section except  
G7W(section 2 in flexure-shear region)  
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Table 4.2 Calculated Shear Strength for LRFD Bridge Design Specifications 
Girder 
End 
nw   
(kips/ft) 
x 
(ft) 
'
cfv  v
d   
(in) 
xε   
( 310−× ) β  θ  
yvf  
(kips)
sAv  
(in) 
cV  
(kips) 
sV  
(kips) 
pV  
(kips)
nV  
(kips) LRFD
Test
LRFD
Test
G1E 24.47 6.36 0.102 61.7 -0.040 2.98 23.2 70.0 0.40/12 121.0 335.2 0 456.2 1.06 1.06 
G1W 24.70 5.94 0.096 62.0 0.007 2.91 24.9 70.0 0.40/12 118.9 311.5 40.47 470.9 1.22 1.22 
G2E 35.08 5.68 0.148 60.6 0.000 2.67 25.5 79.3 0.62/11 109.0 568.8 0 677.8 0.96 0.96 
G2W 33.56 5.25 0.135 61.7 0.067 2.56 27.8 79.3 0.62/11 106.3 523.0 33.64 662.9 1.15 1.15 
G3E 31.98 6.16 0.104 60.9 0.050 2.87 23.7 67.8 0.40/8 132.1 470.3 0 602.4 1.12 1.12 
G3W 31.98 6.16 0.104 60.9 0.050 2.87 23.7 67.8 0.40/8 132.1 470.3 0 602.4 1.21 1.21 
G4E 43.43 5.05 0.146 60.9 0.018 2.53 28.5 64.6 0.62/6 118.0 748.4 0 866.5 0.98# 0.98# 
G4W 43.43 5.05 0.146 60.9 0.018 2.53 28.5 64.6 0.62/6 118.0 748.4 0 866.5 0.98# 0.98# 
G5E 19.31 6.94 0.052 63.0 -0.002 3.75 21.8 92.2 0.22/20 189.0 159.7 0 348.7 1.23 1.23 
G5W 17.8 6.94 0.048 63.0 -0.014 3.75 21.8 76.5 0.22/20 189.0 132.5 0 321.5 1.12 1.12 
G6E 34.88 6.16 0.125 60.9 -0.044 2.87 23.7 64.7 0.62/12 118.1 463.8 0 581.9 1.10 0.97** 
G6W 27.67 5.64 0.113 61.3 0.126 2.74 25.9 64.7 0.62/12 113.5 422.2 0 535.7 1.01 0.99** 
G7E 30.69 6.02 0.128 60.9 -0.053 2.78 24.2 69.2 0.40/8 113.5 468.9 0 582.4 1.09 1.05** 
G7W 41.60 6.02 0.128 60.9 -0.067 2.78 24.2 69.2 0.40/8 113.5 468.9 0 582.4 1.08 1.04** 
G8EB 37.39 9.78 0.110 60.9 -0.004 2.87 23.7 69.2 
0.40/8 
0.40/12 120.9 415.2 0 536.1 1.17 1.16** 
G8W 34.85 6.16 0.124 60.9 -0.036 2.87 23.7 69.2 0.40/8 120.9 480.0 0 600.9 0.94 0.93** 
G9E 36.15 4.72 0.211 60.2 -0.004 2.34 30.0 65.4 0.62/6.5 82.7 650.4 0 733.1 0.91 0.91 
G9W 40.97 4.13 0.250 58.0 0.499 1.70 32.8 65.4 0.62/4 58.0 912.9 40.86 876.6* 0.91# 0.91# 
G10E 28.9 4.89 0.153 59.6 0.234 2.52 28.8 65.4 0.62/9 92.7 488.5 0 581.2 1.17 1.16** 
G10W 31.89 5.02 0.160 58.3 -0.007 2.54 27.6 65.4 0.62/9 91.2 501.5 42.19 634.9 1.34 1.27** 
*  : Controlled by pvw
'
cn Vdbf.V += 250  
# : No shear failure in this region; strength ratio not used in statistical calculations 
Average 1.11 1.09 
COV 0.10 0.10 
   ** : Specified f′c used when measured strength less than the specified f′c 
   COV: Coefficient of Variation = ratio of standard deviation to the mean 
30 
31 
 
Section 1: 2-#4@12”2-#5
@2”
26 straight strands + 6 draped strands 32 straight strands
midspan
1’Section 2: 2-#4@24” Section 1: 2-#4@12”
2-#3@5”2” 2-#3@5” 2”Holddown Point
(5 ft from midspan)
2-#4@12” 2-#4@12”
(top only) (top only)
(bottom cage reinf.) (bottom cage reinf.)
draped strands
(West End only)
# of top strands: 2
# of bottom strands: 32
#8 bars
at East End only
(55” long)
Strand Pattern
W
es
t E
nd
E
as
t E
nd
(a) Girder 1 
 
Section 1: 2-#5@11”
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Figure 4.3 Summary of Reinforcing Layout in Bulb-Tee Girders 
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Figure 4.3 Summary of Reinforcing Layout in Bulb-Tee Girders (continued) 
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Figure 4.4 Shapes of Stirrup Reinforcement 
        
The two primary objectives for testing girder 2 were to investigate the shear behavior of a 
girder with a high design shear stress level and assess the influence of draped strands on shear 
performance.   The design shear stress at the first critical section was 0.17 f’c (1.7 ksi).  This was 
considered a high level of design stress when compared to the LRFD limit of 0.25 f’c.  Double 
legged #5 bars were provided at 11-inch centers (ρvfy = 745 psi) at the first critical section for 
both ends of the girder.  The longitudinal tensile reinforcement consisted of 38 0.6-inch diameter 
prestressing strands.  At the East end of the girder the strands were straight and fully bonded; six 
strands were draped at the West end of the girder.   It was expected that the draped strands would 
provide an increase in shear capacity for the West end of the girder.  Additional longitudinal 
reinforcement, four #8 bars extending 55 inches from the girder end, was provided at the East 
end of the girder.     
Girder 3 was designed to evaluate the influence of enhanced end region detailing on the 
shear behavior of a very high strength concrete bridge girder that was designed to resist a 
moderate to high shear stress level.  The specified design compressive strength of the concrete 
was 14 ksi and the girder was designed to resist a shear stress of 0.12 f’c (1.68 ksi) at the first 
critical section.  Both ends of the girder were provided with the same level of shear 
reinforcement which consisted of double legged #4 bars at 8 inch spacing (ρvfy = 565 psi).  The 
longitudinal tensile reinforcement consisted of 42 0.6-inch diameter prestressing strands that 
were straight and fully bonded at both ends of the girder.  The East end of the girder was 
designed to satisfy the LRFD requirements while the West end had additional distributed 
horizontal and vertical reinforcement as well as additional confinement reinforcement for the 
prestressing strands.  It was expected that the enhancements would increase the shear resistance 
of the West end of the girder by guarding against strand slip, diagonal compressive failure and 
horizontal shear slip. 
Girder 4, much like girder 3, was designed to evaluate the influence of enhanced end 
region detailing on the shear behavior of a very high strength concrete bridge girder.  However, 
unlike girder 3 the design shear stress levels were much higher for girder 4.  The girder was 
designed based on a specified concrete design strength of 14 ksi and was designed to resist a 
shear stress of 0.17 f’c (2.38 ksi) at the first critical section.  The reinforcement provided at the 
first critical section for both ends of the girder consisted of double legged #5 bars at 6 inch 
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spacing.  The longitudinal tensile reinforcement consisted of 42 0.6-inch diameter prestressing 
strands.  The East end of the girder was designed to satisfy the end reinforcement requirements 
laid out in the LRFD while the West end had the same enhanced detailing that was provided for 
girder 3.  It was suspected that the enhanced end detailing would increase the shear capacity of 
the West end of the girder by guarding against strand slip, horizontal shear slip at the interface 
between the bulb and the web, and diagonal compressive failure.   To obtain the shear force 
required for testing it was necessary to increase the flexural capacity of girder 4 beyond what 
could be obtained by the 42 0.6 inch diameter strands.  This was accomplished by attaching a ¾-
inch thick, 30-foot long by 20-inch wide steel plate to the underside of the bottom bulb.  The 
plate was connected to the girder by a number of 5/8-inch diameter Hilti anchors that were 
drilled into the bottom bulb and held with epoxy.  Extra care was taken to insure that the holes 
drilled in the bottom bulb would miss the prestressing strands.      
The objective of testing girder 5 was to investigate the shear behavior of a girder cast 
with a minimum amount of shear reinforcement.  The girder design was based on a specified 
concrete compressive strength of 18 ksi and the design shear stress at the first critical section was 
0.047 f’c (0.85 ksi).  The minimum amount of shear reinforcement permitted by the AASHTO 
LRFD Bridge Specifications as specified in Section 5.8.2.5 is =≥ cyv ff '0316.0ρ  134 psi.  
The shear reinforcement provided at the West end of Girder 5 consisted of double legged #3 bars 
spaced at 20 inches (ρvfy = 140 psi).  The East end of the girder was reinforced with welded wire 
reinforcement (WWR) to guard against shear failure.  The WWR was constructed from D11 
(same area as a #3 bar) which formed a grid that was spaced on 20 inch centers in both directions 
((ρvfy = 169 psi).  Twenty-four 0.6-inch diameter strands were provided in the bottom bulb of the 
girder to serve as longitudinal tensile reinforcement.  In addition, four #7 deformed bars 
extended 55-inches from each end of the girder providing additional longitudinal reinforcement 
at the supports.  
The primary objective in testing girder 6 was to evaluate the influence of strand 
debonding on the shear performance and end region behavior.  Girder 6 was designed using a 
specified concrete compressive strength of 18 ksi and was designed for a shear stress of 1.71 ksi 
(0.095 f’c) at the first critical section.  The shear reinforcement provided at the first critical 
section for both ends of the girder consisted of double legged #5 bars spaced at 12 inches (ρvfy = 
557 psi).  The longitudinal tensile reinforcement consisted of 42 0.6-inch diameter strands.  At 
the East end of the girder all of the strands were straight and fully bonded.  The West end of the 
girder had 16 strands debonded at varying lengths (see Figure 4.3(f) for details).  The level of 
debonding at the West end of the girder exceeded the allowable amount as specified in Section 
5.11.4.3 of the AASHTO LRFD Bridge Specification.  Exceeding this limit was considered 
useful for experimental purposes.     
Girder 7 was designed with different test objectives for each of the ends.  The East end of 
the girder was designed to assess the repeatability of a previous test that was carried out on the 
East end of Girder 3.  The West end of the girder was designed in an effort to induce a failure 
away from the end region.  To encourage a failure away from the end region only a minimum 
amount of reinforcement was provided in the second design region.  The specified concrete 
compressive strength used for the design of girder 7 was 14 ksi.  The design shear stress at the 
first critical section for both ends of the girder was 0.12 f’c (1.68 ksi).  The shear reinforcement 
provided at the first critical section for both ends of the girder consisted of double legged #4 bars 
spaced at 8 inches (ρvfy = 577 psi).  In the second design region at the East end of the girder the 
shear reinforcement consisted of double legged #4 bars at 12 inch spacing (ρvfy = 384 psi).  In 
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contrast, only 31% of the required strength of shear reinforcement was provided for the second 
design region at the West end of the girder.  Double legged #3 bars at 23 inch spacing (ρvfy = 119 
psi) were provided in this region.  The longitudinal tensile reinforcement provided for girder 7 
consisted of 42 0.6-inch diameter strands that were straight and fully bonded at both ends of the 
girder.  
The primary objective for testing Girder 8 was to evaluate the contribution of “interface 
shear transfer” to overall shear capacity.  A specified concrete strength of 14 ksi was used for the 
design of Girder 8.  The design shear stress for the first critical section at both ends of the girder 
was 0.12 f’c (1.68 ksi).  Shear reinforcement included double legged #4 bars provided at 8 inch 
spacing (ρvfy = 577 psi) at the first critical section for both ends of the girder.  This reinforcement 
is identical to the amount and spacing of reinforcement that was provided for the East ends of 
girders 3 and 7.  A slip plane at a 30 degree angle was built into the girder in the shear critical 
region near the West end.  The slip plane consisted of two aluminum plates pressed together.   
 
                                        
Figure 4.5 Slip Plane Built into the West End of Girder 8 
 
The plates were 81.5 inches in length and had slots cut out for the nine stirrups they intersected.  
Introducing the plates into the web provided a plane of weakness and two smooth surfaces that 
would not have the benefit of aggregate interlock. Figure 4.3(h) shows the position and 
orientation of the plates in the girder while Figure 4.5 displays a photograph of the plates placed 
in the reinforcing cage before casting.  Prior to testing the East end of the girder, side diaphragms 
were cast and post-tensioned against the web at the East end of the girder.  The diaphragms were 
added to prevent an end region failure and force the failure into a region where a uniform field of 
diagonal compression existed.  The longitudinal tensile reinforcement for girder 8 consisted of 
42 0.6 inch diameter prestressing strands that were straight and fully bonded at both ends. 
The objective of testing Girder 9 was to investigate the maximum shear stress limit of 
0.25 f’c prescribed by Section 5.8.3.3 of the LRFD Bridge Specifications and evaluate the benefit 
of splayed strands at the end of a member.  The design concrete compressive strength for girder 9 
was 8 ksi.  The East end of girder 9 was designed for a shear stress of 0.25 f’c (2 ksi) at the first 
critical section and required shear reinforcement consisting of double legged #5 bars at a 6.5 inch 
spacing (ρvfy = 1040 psi).  The West end of the girder was provided with approximately 60% 
more shear reinforcement, double legged #5 bars at 4 inch spacing (ρvfy = 1690 psi),  and also 
included 8 draped strands that were splayed out over the height of the web in a uniformly 
distributed manner.  The longitudinal tensile reinforcement that was provided consisted of 34 
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0.6-inch diameter prestressing strands and six 1.25-inch diameter high-strength (150 ksi) 
unstressed post-tensioning bars.  The additional post-tensioning bars were provided to increase 
the flexural capacity of the girder to increase the probability of a shear failure. 
Girder 10 was designed to evaluate the influence of strand debonding and draping on the 
shear performance and behavior of end regions.  The girder was designed using a specified 
concrete strength of 16 ksi and the design shear stress at the first critical section was 0.1 f’c (1.6 
ksi).  Both ends of the girder were reinforced with double legged #5 stirrups at 9 inch spacing 
(ρvfy = 751 psi) at the first critical section.  The longitudinal tensile reinforcement consisted of 34 
0.6 inch diameter prestressing strands and six 1.25-inch diameter unstressed high-strength (150 
ksi) post-tensioning bars.  The additional post-tensioning bars were included because girder 10 
was cast along with girder 9 and it was not possible to include additional prestressing strands.  
The East end of the girder had 8 strands debonded at varying lengths as shown in Figure 4.3(j).  
At the west end of girder 10 eight strands were draped and splayed over the height of the web.  
The splayed strands were evenly distributed throughout the height of the web. 
   
4.3 Material Properties 
 Material tests were conducted in an effort to accurately characterize the mechanical 
properties of the concrete and reinforcing steel used to construct the girders.  A summary of 
these properties are presented in this section.  
The high strength concrete mix designs were developed by Wiss, Janney, Elstner 
Associates, Inc. (WJE) and were used in the construction of all of the girders except girder 9.  
The concrete used for girder 9 came from a mix design that the precaster, Prestessed Engineering 
 
Table 4.3 Summary of Concrete Mix Designs 
 G1 & G2 G3 & G4 G5 & G6 G7 & G8 G9  G10 
Material Weight, (lbs/yd3) 
Weight, 
(lbs/yd3) 
Weight, 
(lbs/yd3) 
Weight, 
(lbs/yd3) 
Weight, 
(lbs/yd3) 
Weight, 
(lbs/yd3) 
Type I Cement - - 1050 - - 1050 
Type III Cement 750 1030 - 1030 700 - 
Silica Fume - 125 150 125 - 150 
Water 210 300 264 300 280 264 
water/cementitious 
mat. ratio 0.28 0.24 0.25 0.24 .40 .25 
Sand 1328 777 858 777 1180 858 
Coarse Aggregate 
(3/4” max) 1880 - - - 1786 - 
Coarse Aggregate 
(1/2” max) - 1820 - 1820 - - 
Coarse Aggregate 
(3/8” max) - - 1820 - - 1820 
Retarder (100XR) - - 4 oz/100 lb 
20 
oz/yard - 
4 oz/100 
lb 
Super Plasticizer 
(MB 300FC) - as needed 
15-18 
oz/100 lb as needed 
175 oz / 
yard 
15-18 
oz/100 lb 
Note: 1 in = 25.4 mm, 1 ksi = 6.895 MPa, 1 lbs/yd3 = 432 kg/m3 
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Corporation (PEC), had used in production previously.  Table 4.3 provides the proportions for 
the mix designs.  With the exclusion of the traprock, which was imported from Wisconsin, all of 
the aggregate used in the concrete was available from PEC.  Trial batches for the high strength 
mixes were prepared at PEC and the mix proportions were adjusted in an effort to obtain the 
specified concrete strengths.  The target concrete compressive strengths were 8, 10, 14, and 18 
ksi as listed in Table 4.1.  With the exception of girders 6 and 10 all of the concrete compressive 
strengths were close to or in excess of the specified strength.  The inability to meet the target 
strengths were considered to be associated with difficulties in accurately measuring the aggregate 
moisture contents.  A small error and moisture content would produce a significant impact on the 
water-cement ratio and adversely affect the compressive strength.  Table 4.4 shows the concrete 
compressive strengths for each girder at the time of testing.       
Table 4.4 Summary of Concrete Strength Properties 
 
Specimen 
Girder Deck 
Compressive 
Strength 
(ksi) 
Strain* 
( 610−× ) 
Split Tensile
(psi) 
MOR 
(psi) 
Compressive
Strength 
(ksi) 
Girder 1 12.1 3000 867 991 4.5 
Girder 2 12.6 2600 811 991 8.6 
Girder 3 15.9 3300 766 1090 3.6 
Girder 4 16.3 3400 766 1090 6.3 
Girder 5 17.8 2700 894 1190 6.1 
Girder 6 12.7 2800 823 1190 9.2 
Girder 7 12.5 3200 706 720 4.5 
Girder 8 13.3 3200 706 720 7.0 
Girder 9 9.6 2400 686 1080 6.0 
Girder 10 10.6 2600 765 1180 5.4 
(* : Strain value at peak stress ) 
 Casting each girder and preparation of the associated concrete material test specimens 
required 12 cubic yards of concrete.  The concrete plant at PEC produced 2 cubic yard batches, 
thus 6 batches were required.  Seven 4-inch diameter cylinders were cast from each of the six 
batches of concrete.  Compressive tests of the concrete cylinders were initially carried out using 
testing facilities that were available at UIUC and WJE.  As the project progressed and higher 
strength mix designs were cast unreasonable variations in concrete compressive strength were 
evident in the test results.  The large variations in strength were attributed to the sensitivity of the 
test results to cylinder end preparation methods.  In an effort to address this problem, researchers 
sought assistance from Prairie Materials Group because of their experience producing high 
strength concrete mixes.  Prairie Materials Group tested many of the high strength cylinders 
successfully.  Researchers at UIUC were then able to modify the end preparation techniques so 
that the results obtained were of a similar quality to those obtained by Prairie Materials group.  
Cylinder strengths in excess of 17 ksi were measured using test equipment at the Newmark 
Laboratory and the variability of the strength results decreased significantly.         
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The concrete decks for the girders were cast in place at the Newmark Laboratory using 
concrete from a local ready-mix supplier.  The specified compressive strength of the concrete 
used in the deck was 5 ksi.  As shown in Table 4.3 the specified compressive strength was 
obtained for all of the concrete decks with the exception of girders 1, 3 and 7.  The lower 
compressive strength in the decks was not considered to have a significant impact on the 
outcome of the project since none of the girders reached there flexural capacity. 
 Both split cylinder and modulus of rupture (MOR) tests were completed to evaluate the 
tensile strength of the concrete used to cast the girders.  Table 4.3 shows the results of these tests. 
 
Table 4.5 Summary of Steel Reinforcement Properties 
(a) Transverse Reinforcement   
Specimen G1 G2 G3 G4 G5 
Bar #4 #5 #4 #5 #4 #5 #4 #5 #3 WWR
Nominal Area (in2) 0.20 0.31 0.20 0.31 0.20 0.31 0.20 0.31 0.11 0.11 
Yield Strength, fy (ksi) 70.0 79.3 70.0 79.3 67.8 64.6 67.8 64.6 76.5 92.2 
Tensile Strength, fu (ksi) 109.0 119.0 109.0 119.0 106.1 101.8 106.1 101.8 112.5 106.1
Specimen G6 G7 G8 G9 G10 
Bar #5 #3 #4 #4 #5 #4 #5 #4 #5 
Nominal Area (in2) 0.31 0.11 0.20 0.20 0.31 0.20 0.31 0.20 0.31 
Yield Strength, fy (ksi) 64.7 74.5 69.2 69.2 68.4 67.9 65.4 67.9 65.4 
Tensile Strength, fu (ksi) 102.0 109.5 107.8 107.8 107.4 - - - - 
(b) Prestressing Strands 
Beam Girder 1 Girder 2 Girder 3 Girder 4 Girder 5 
Effective Stress, fpe (ksi) 159.7 150.2 154.9 153.7 172.5 
Prestressing Loss* (%) 21.1 25.8 23.7 24.3 15.0 
Beam Girder 6 Girder 7 Girder 8 Girder 9 Girder 10 
Effective Stress, fpe (ksi) 167.6 167.0 158.5 168.2 173.7 
Prestressing Loss* (%) 17.4 17.7 21.9 17.1 14.4 
*The prestressing loss was calculated based on measurements at the time of testing. 
Each of the girders was constructed using seven-wire low-relaxation prestressing strands 
with a nominal diameter of 0.6 inches and a cross-sectional area of 0.217 square inches.  The 
specified ultimate strength of the strands was 270 ksi.  All of the deformed bar reinforcement 
that was used in the girders conformed to ASTM A615 Grade 60 specifications.  The welded 
wire reinforcement that was used for girder 5 conformed to ASTM A496.  The material 
properties for all of the transverse reinforcement used in construction of the girders is provided 
in Table 4.5. 
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4.4 Fabrication of Test Specimens 
All of the girders for the project were fabricated at PEC which is located in Blackstone, 
Illinois, approximately 90 miles from the University of Illinois campus.  Drawings were 
provided to PEC so that the stirrups and confinement cages could be fabricated for each of the 
girders.  Selected bars and cages were then brought to the Newmark Laboratory where strain 
gages were installed on the bars.  The instrumented reinforcing bars were then returned to PEC 
to be placed in the cage for casting.  Handling the bars in this manner insured that the 
instrumented bars had the same material properties as the plain bars that would be used in a 
girder. 
During the prestressing operation a load cell was used to verify that the correct force was 
being applied to the strands and to allow for adjustment of the settings on the hydraulic ram used 
to tension the strands.  After the adjustments the load cell was only used periodically to check 
strand tension so that the prestressing operation would be more efficient.  While the strands were 
being stretched the reinforcement cages for the girders were being assembled and checked.  
Next, one side of the form was put into position and the reinforcement cage was put into place.  
A final check of the reinforcement details was performed by researchers from UIUC and 
photographs of the cage were taken before the other side of the form was put into place.  
Concrete was placed from a 2 cubic yard concrete bucket and consolidated using two 
immersion vibrators and two form vibrators.  After the concrete reached the top of the forms the 
top surface was intentionally roughened to meet Section 5.8.4.2 of the AASTHO LRFD Bridge 
Specifications.  Once the concrete had an initial set measures were taken to insure that the 
concrete would hydrate properly.  During the summer months this involved placing soaker hoses 
on top of the girder and covering it with large tarps to limit the amount of evaporation that could 
take place.  In the winter the girders were covered with tarps in a manner that resembled a tent.  
Steam was then pumped into the tarps in a controlled manner to maintain a desired temperature 
that was measured by a thermocouple place under the tarps.  Special care was taken to assure that 
the material test specimens that were cast with the girder were cured in the same environment as 
the girder.  The formwork was generally removed one day after casting and measures to assure 
proper hydration were continued.  
 
 
Figure 4.6 Girder Delivery at the Newmark Laboratory 
 
Cylinders were tested to determine when the concrete compressive strength was 
sufficient to release the strands.  Once satisfactory strength was obtained Whittemore targets 
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were placed on the bottom bulb of the beam in the end regions and at mid-span.  The distance 
between the targets was measured with a Whittemore gage and initial readings were taken from 
select strain gages that were affixed to deformed bar reinforcement in the end regions.  The 
strands were released in a specified pattern to avoid introducing any undue stress due to 
eccentricity.  After the strands were released final measurements for the Whittemore targets and 
the strain gages were recorded.  Fabricated Girders were stored in the yard at PEC until 
researchers were ready to test them.  The girders were delivered from PEC to the Newmark 
Laboratory by truck.  Figure 4.6 shows photographs of a girder arriving at the Newmark 
Laboratory.   
midspan
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Figure 4.7 Front Elevation View of Reaction Structure 
 
 
 
Figure 4.8 Photograph of Test Set-up 
 
4.5  Experimental Test Set-up 
A steel reaction structure, shown in Figures 4.7 and 4.8, was designed and built to resist a 
uniformly distributed load of 60 kips / foot applied by a series of hydraulic jacks placed along 
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the top of a girder.  The frame consisted of twelve W12 x 65 steel columns post-tensioned to the 
strong floor at 9-foot spacing along the length of a girder and 4.5 feet on either side of the center-
line of a girder.  This provided six pairs of columns on either side of a girder.  Twelve W18 x 
119 steel sections (transverse beams) were used in pairs to span across a girder and connect each 
pair of columns using 7/8” A325 structural bolts.  The transverse beams were designed to take a 
load of 540 kips and resist a bending moment of 1200 kip-ft.  A 50-foot long W27 x 146 steel 
section (longitudinal beam) was placed underneath the transverse beams and provided the 
surface against which the hydraulic jacks reacted.  The longitudinal beam was held in place by 
saddle clamps when a loading was not applied and had web stiffeners welded into place at each 
location where it was intersected by the transverse beams to prevent local buckling.  The bottom 
flange of the longitudinal beam was also connected to the columns by tension members to 
decrease the unbraced length and provide stability against lateral torsional buckling.       
 Abutments were also designed and built to support the ends of the girders.  Researchers 
expected that an end reaction in excess of 1000 kips could be obtained during testing.   In an 
effort to prevent cracking of the strong floor the abutments were designed to span between the 
web walls of the strong floor.  This allowed the load to be distributed directly to the web walls 
without introducing excessive flexural stresses into the top flange of the box girder that makes up 
the strong floor.  Each abutment was fabricated from two 14-foot long W27 x 146 steel wide 
flange sections that were welded together along the top and bottom flanges to make a box 
section.  Additional 1” thick steel plates were welded to the top and bottom flanges of the section 
near midspan to increase the moment capacity of the abutments.  The inside of the box sections 
also included deformed bar reinforcement to increase flexure and shear capacity and were filled 
with concrete.  Filling the sections with concrete ensured that there would be no problems with 
local buckling or instability.  The abutments were designed to support a 1500 kip load applied at 
the midspan of a 12-foot simply supported clear span.   
 
Figure 4.9 Hydraulic Loading System 
 
The distributed load was applied to a girder using a combination of 22 single acting 100-
ton hydraulic cylinders and 22 double acting 60 ton hydraulic cylinders.  Each of the girders was 
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tested by controlling the midspan displacement.  One of the double acting cylinders at midspan 
was outfitted with an LVDT (displacement transducer) to measure the position of the piston.   
The signal from the LVDT was fed to an Instron controller which implemented a PID control 
algorithm to command a servo valve that controlled the flow of oil to the ports of the control 
jack.  The other 21 double acting jacks were supplied the same top port and bottom port 
pressures as the control jack through a series of 12 hydraulic manifolds.  The 22 single acting 
cylinders were connected through a series of 6 manifolds and were controlled by a single 
pressure regulating valve.  By using the force controlled single acting cylinders in combination 
with the displacement controlled double acting cylinders researchers were able to insure that the 
test was being conducted in a displacement controlled manner. This was accomplished by 
adjusting the load carried by the force controlled component of the system to assure that the load 
carried by the displacement controlled component of the system was always near 30 percent of 
the total applied load.  Figure 4.9 shows the typical layout of the hydraulic cylinders and 
graphically presents the contribution of the different loading systems to the total load.    
 
 
Figure 4.10 Hydraulic Cylinders Prior to Testing 
 
The hydraulic cylinders were placed on 12-inch wide 1-inch thick steel bearing plates along the 
center line of the cast-in-place deck.  The cylinders were arranged in pairs consisting of a single 
acting cylinder and a double acting cylinder.  Figure 4.10 is a photograph of the hydraulic 
cylinders placed on top of the cast-in-place deck prior to testing.  On average the center to center 
spacing between cylinders was one foot with 22 cylinders on either side of midspan.  This 
provided a uniformly distributed loading that was applied over the central 44 feet of the 50 foot 
span.  This configuration for loading was typical and only altered to guard against a failure in a 
repaired region or to limit the possibility of a flexural failure.  Figure 4.11 details the loading 
configuration details for each girder test. 
Hydraulic oil at a supply pressure of 2900 psi was provided to the cylinders from a 
hydraulic power supply located in the service level of the Newmark Laboratory.  This limitation 
on supply pressure was primarily due to the maximum pressure for which the servo valve was 
rated.  Since the 2900 psi supply pressure was less than the 10,000 psi rated capacity of the 
cylinders the double acting cylinders were able to apply a load of 35 kips and the single acting 
cylinders could apply a load of 58 kips.  This resulted in each pair of cylinders applying a load of 
93 kips or a distributed load of 46.5 kips / foot.   
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Span Length = 50 ft
Total Length = 52 ft
a b c
 w
 
 
Specimen 
Loading Pattern Load 
a 
(ft) 
b 
(ft) 
c 
(ft) 
w 
(kips/ft) 
G1E 3.0 44.0 3.0 26.03 
G1W 3.0 44.0 3.0 30.09 
G2E 3.0 44.0 3.0 33.79 
G2W 3.0 44.0 3.0 38.73 
G3E 3.0 44.0 3.0 35.68 
G3W 3.0 44.0 3.0 38.82 
G4E 3.0 44.0 3.0 42.73 
G4W 3.0 44.0 3.0 42.73 
G5E 3.0 44.0 3.0 23.70 
G5W 3.0 44.0 3.0 19.91 
G6E 15.0 32.0 3.0 38.32 
G6W 3.0 44.0 3.0 27.85 
G7E 3.0 44.0 3.0 33.47 
G7W 11.0 28.0 11.0 44.75 
G8E 13.0 28.0 9.0 43.72 
G8W 3.0 34.0 13.0 32.70 
G9E 3.0 44.0 3.0 32.80 
G9W 3.0 
4.0 
26.0 
10.0 
21.0 
36.0 
37.20 
22.32 
G10E 3.0 44.0 3.0 33.93 
G10W 3.0 43.0 4.0 42.85 
 
Figure 4.11 Typical Loading Pattern 
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4.6 Instrumentation 
A combination of traditional and advanced measurement systems were used to obtain 
detailed information about the behavior of each girder.  This information was then used to 
evaluate the overall stiffness characteristics of each girder, the contribution of the stirrups to 
shear resistance, and analyze the behavior of the end regions.  This section describes in detail 
each measurement system that was used during the tests, its location on a girder, and the 
information that was obtained. 
 A series of LVDTs (linear variable differential transformer) were used to measure 
displacements at key locations on the girder.  In some cases the displacement information is 
converted into units of engineering strain since the initial distance that the LVDT spanned was 
known.  Five LVDTs, labeled V1 through V5 as shown in Figure 4.12, were used to measure the 
vertical displacement of the girder.  One LVDT was located at midspan (V3), one at each quarter 
point (V2 and V4), and one inside the face of each support (V1 and V5).  All of the LVDTs that 
measured vertical displacement were mounted to stands that were affixed to the strong floor to 
insure that the elastic deformation of the reaction structure did not skew the data.   
Four LVDTs, labeled H1 thorough H4 in Figure 4.12, were used to measure longitudinal 
deformations in both the top flange (H4) and bottom bulb (H2) at midspan, and in the bottom 
bulb at each end of the girder (H1 and H3).  Each of the longitudinal LVDTs was configured so 
that its initial displacement with the girder in an unloaded state was 48 inches.  The longitudinal 
LVDTs at midspan were used to calculate curvature and track the development of flexural 
cracking in the bottom bulb.  At the ends of the girders the longitudinal LVDTs provided 
information about the development of cracking in the end regions and the loss of prestressing 
force.   
Additional LVDTs were also used to measure shear strains in the web of a girder.  As 
seen in Figure 4.12 3 LVDTs (ED1, 2, 3 and WD1, 2, 3) were typically located 3 feet from each 
support and 3 LVDTs (ED4, 5, 6 and WD4, 5, 6) were typically located 6 feet from each support.  
Each of these LVDTs was configured with an initial displacement of 48 inches prior to loading a 
girder.  The first set of transducers was placed 3 feet from the support because first cracking was 
expected at that location.  The second set of transducers was located 6 feet from the support 
because the first critical section for shear design was generally located in that area.   
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Figure 4.12 LVDT Placement on Test Specimens 
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Figure 4.12 LVDT Placement on Test Specimens (continued) 
 
Two additional spring return guided LVDTs (S1 and S2) were attached to individual 
prestressing strands on each end of the girder.  These LVDTs were affixed to the strand and 
measured the relative displacement between a strand and the end of the girder.   
Strain gages were attached to the deformed bar reinforcement that was installed in the 
girders.  Gages were attached to the shear reinforcement, end bursting reinforcement, and bottom 
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bulb confinement cages located at the ends of the girders.  Each girder had anywhere from 16 to 
20 stirrups with 4 strain gages installed.  The instrumented stirrups were distributed along the 
entire length of the girder since failure was equally likely to occur at anyone of the critical 
sections for shear.  The dense array of gages also provided researchers with the ability to 
estimate the contribution of the shear reinforcement to the shear capacity of the girder along its 
entire length.  The black circles in Figure 4.13 shows the location of the instrumented stirrups for 
each girder while Figure 4.14 shows the location of the strain gages on each instrumented stirrup.  
Additional strain gages were also placed on the end spalling reinforcement in the same manner 
they were placed on the stirrups.   
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Figure 4.13 Locations of Instrumented Stirrups 
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Figure 4.13 Locations of Instrumented Stirrups (continued) 
 
 
Figure 4.14 Strain Gage Placements on a Typical Stirrup 
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Figure 4.15 Confinement Cage Strain Gage Locations 
 
Strain gages were also placed on the confinement cages that were placed in the bottom 
bulb at the ends of each girder.  Figure 4.15 shows the location of these gages.  Four strain gages 
(gages 1 through 4) were placed on the longitudinal so that the loss of prestressing force due to 
the demands of shear and flexure could be evaluated.  Six gages were also attached to the 
transverse bars (gages 5 through 10) to evaluate the level of confinement required to develop the 
prestressing strands.   
Strain gages were also placed on the additional longitudinal reinforcement that was 
provided in the web of Girders 3 and 4.  Girders 1, 2, and 5 also had additional gages placed on 
deformed bar longitudinal reinforcement that was placed in the bottom bulb.  The locations of all 
additional gages are provided in the appendices.   
Beginning with the testing of girder 4 strain gages were used to measure concrete surface 
strains.  The Micro-Measurement gages, model N2A-06-20CBW-120, had a 2-inch gage length 
and were applied to the concrete surface using Micro-Measurements AE-10 adhesive.  Concrete 
surface gages were place on the web of the girder near the support to measure the amount of 
diagonal compressive strain.  Additional concrete surface gages were also placed on the bottom 
bulb of the girder in the end region to measure the loss of prestrain.  The location of the concrete 
surface gages were based on crack patterns from girders that had already been tested as a part of 
the experimental program.  It should be noted that all concrete surface gages were placed on the 
girder immediately prior to testing and the strain readings do not represent the initial strains due 
to prestressing, creep, shrinkage, or placement of the cast-in-place deck.  The exact locations of 
all concrete surface gages for each girder are provided in the appendices.  
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(a) Whittemore Gage Targets (b) Whittemore Gage Reading 
 
Figure 4.16 Whittemore Gage and Transfer Length Measurements  
 
A Whittemore gage, a portable displacement measuring device, was used to measure 
changes in deformation along the length of the bottom bulb.  Whittemore targets were glued to 
the concrete surface on 5 inch centers along the bottom bulb at midspan and at both ends of the 
girder.  The Whittemore gage has a 10-inch gage length and the targets at 5 inch centers allowed 
readings to be staggered, this provided some redundancy in measurements incase a target became 
detached from the girder.  Figure 4.16 shows the Whittemore gage targets and transfer length 
measurements being taken on a girder.  The targets were attached after the forms were removed 
and before the prestressing strands were released.  Measurements were taken before the strands 
were released, immediately after the strands were released, at periodic intervals, and immediately 
prior to testing.  The Whittemore gage readings provided information that allowed researchers to 
evaluate transfer length, prestressing losses due to creep and shrinkage, and the distribution of 
strains prior to testing.  Whittemore readings were also taken at load stages during girder tests to 
evaluate strains in the bottom bulb. 
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Figure 4.17 Zurich Gages 
 
In addition to the Whittemore gage, additional deformation information was gathered 
using a “Zurich” gage.  The Zurich gage is essentially an electronic version of a Whittemore 
gage.  Aluminum targets with machined conical depressions were fabricated and attached to the 
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web of the girder, using superglue and epoxy, at a regular grid with 10-inch spacing.  A total of 
315 targets were attached along the entire length of each girder.  The researchers designed and 
built the device specifically for this testing program.  The Zurich gages were made by rigidly 
connecting an LVDT body to an aluminum channel while the free end of the LVDT core is 
attached to a precision linear bearing.  Two measurement probes with spherical tips protrude 
from the channel.  One probe is fixed to the aluminum channel while the other one is attached to 
the linear bearing.  The measuring probes fit into the conical depressions in the targets and the 
device measures the distance between the two targets.  Two Zurich gages were created.  The first 
one was set up to measure a 10 inch distance plus or minus ½ inch and was used to take vertical 
and horizontal measurements on the 10-inch grid.  The second gage was set up to measure a 
14.14 inch distance plus or minus ½ inch and was used to measure the diagonal distances on the 
grid.  Figure 4.17 shows a conceptual schematic of a Zurich gage and photograph of the two 
Zurich gages that were fabricated for use on the project. 
In addition to fabricating the Zurich Gages a computer program was written to facilitate 
the gathering of the displacement information.  This allowed one researcher to monitor the 
readings that were being taken at a computer terminal while two additional researchers worked at 
the surface of the beam to take the readings.  One researcher was responsible for taking the 
vertical and horizontal readings while the other researcher took the diagonal readings.  The exact 
geometry of each quadrilateral defined by four targets can be defined by five measurements.  Six 
measurements were taken for each quadrilateral which provided redundant information that the 
program used for error checking.   A full set of Zurich readings covering the entire length of the 
girder took around 1.5 hours to complete.  Due to the limited accuracy of the system for small 
displacements, readings were not taken at all load stages and some sets of readings only covered 
areas of the girder where interesting behavior was taking place.  It should be noted that the 
Zurich gage targets were attached to the beam immediately prior to testing and the deformations 
recorded by the system are a result of the applied loading.         
Detailed displacement information was gathered from a grid of points on the web in the 
end region of each girder.  This information was gathered using the Krypton Dynamic 
Measurment Machine.  Two different versions of the system were used; the first utilized the 
RODYM camera and the second implemented the K-600 camera.  Both systems are able to 
 
   
                   (a) Krypton Camera                       (b) Krypton Targets on a Girder 
Figure 4.18 Krypton System Setup 
 
51 
 
measure the position of light emitting diode (LED) targets in three-dimensional space with an 
accuracy of up to plus / minus 0.02 mm.  The accuracy of the system depends on which camera 
system was used, the environmental conditions, and the orientation of the camera.  The portable 
housing, shown in Figure 4.18(a), contains three 2048 pixel linear CCD (charged coupling 
device) cameras that determine the position of the LEDs by processing the distribution of light 
intensity measured by each CCD and triangulating the position of the target.  Figure 4.18(b) 
shows a girder with Krypton targets placed on the web.  The measurements taken by the Krypton 
system allow for researchers to evaluate the directions of principal strain, asses the contribution 
of shear reinforcement, determine the magnitude of diagonal compressive stresses, and evaluate 
the overall distribution of strain in the end regions of the girder.  It should be noted that the 
Krypton targets are attached immediately prior to testing and the measured displacements only 
reflect deformations due to externally applied loads. 
   
4.7 Testing Procedure 
The first step in testing a girder was positioning it in the reaction frame.  In an effort to 
reduce the time and cost of testing each girder a method was devised in cooperation with the 
Civil Engineering Machine Shop to position the girder without disassembling the reaction frame.  
This was completed by using a series of carts in combination with the overhead crane to position 
each girder.  Figure 4.19 shows a photograph of a girder being positioned for testing.  After the 
girder was positioned under the reaction frame formwork and reinforcement were placed for the 
casting of the concrete deck.  Concrete for the deck was placed using a concrete bucket with a 
chute because the bucket could not be placed directly over the deck due to interference with the 
reaction frame.  After the deck had cured under moist burlap for several days, the steel bearing  
 
 
Figure 4.19 Girder Positioning for Testing 
 
plates were placed on the surface of the deck with hydrocal so that the hydraulic cylinders could 
be positioned.  A load cell was attached to the piston of each hydraulic cylinder and would bear 
against the reaction beam.  Load cells with a capacity of 60 kips were attached to the double 
acting cylinders while 100 kip load cells were attached to the single acting jacks.   
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The surface of each girder was painted with a mixture of white latex paint and water to 
increase the visibility of cracks on its surface.  A 10-inch square grid was also drawn on both 
sides of the girder web.  The grid points were numbered the same on both sides of the girder so 
that photographs could be correlated after testing.  Next all instrumentation devices and targets 
were attached to the girder, including LVDTs, Krypton LED targets, Zurich Gage targets, and 
concrete surface gages.  After all devices were attached the instruments and strain gage wires 
were attached to the data acquisition equipment. 
Up to four different data acquisition systems were utilized to record the data for an 
individual girder.  The first system consisted of two National Instruments (NI) SCXI-1001 12-
slot chassises that were connected in series and connected to a PC running a data acquisition 
program that was written in LabVIEW.  This system recorded all of the information from the 
strain gages that were attached to the reinforcing steel, LVDTs, and load cells.  The strain gages 
were connected to directly to NI SCXI-1314 terminal blocks which provided quarter bridge 
completion resitors.  The SCXI-1314 terminal blocks were then attached to NI SCXI-1520 8-
channel universal strain modules.  External signal conditioning was provided for the LVDTs and 
the load cells such that only voltages were supplied to the NI system.  Two NI SCXI-1102 32-
channel 10 volt analog input modules connected to NI BNC-2095 rack mountable terminal 
blocks were used to measure the signals from the load cells and LVDTs.  Data were recorded 
with this system at a rate of 1 Hz for the entire duration of each test.  The LabVIEW data 
acquisition program enabled the person controlling the test to monitor data in real time.  
Monitoring the data during a test was critical to insure the safety of researchers, enable the 
applied load to be properly distributed between hydraulic systems, and assist in determining 
when failure would occur.   
A second NI data acquisition system consisting of an SCXI-1001 12 slot chassis with 
SCXI-1520 modules and SCXI-1314 terminal blocks was used to record the data from the 
concrete surface gages.  This system was utilized in addition to the first system so that the 
sampling rate of the system could be increased easily as failure approached.  Strain data from the 
concrete surface gages was taken at a rate of 1 hertz for most testing and was increased to a rate 
as high as 100 hertz as failure approached.  A third NI system that consisted of an SCXI-1000DC 
chassis along with an SCXI-1540 8-channel LVDT amplifier module and a SCXI-1315 
connector block was used in conjunction with a program written in Visual C++ to record 
readings from the Zurich Gages.  The fourth and final system that was used to acquire data 
during testing included the controller and computer that were supplied with the Krypton System.  
The software and data acquisition programs were prepared by the manufacturer and used to 
record position data for each of the LED targets at a rate of 1 Hz for the duration of a test.  
Figure 4.20 shows a photograph of the load controller and the primary NI data acquisition 
system.  
In the days leading up to a scheduled test a short pretest exercise was carried out to 
ensure that both the loading system and data acquisition systems were performing as expected.  
During the pretest a small amount of load (1 to 2 kips / foot) was applied to each girder.  This 
allowed researchers to check the hydraulic system for leaks, a critical step given that there were 
more than 150 connection points where leaks were possible.  Immediately prior to the first day of 
testing initial readings were taken on all of the LVDTs and the load cells and strain gages were 
nulled and shunt-calibrated.  Two full sets of Zurich Gage readings, each consisting of 1058 
individual readings, were also taken to establish the initial distances between the targets. 
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Figure 4.20 Primary Data Acquisition System and Loading System Controller 
 
 When a test was started the applied load was increased until the first diagonal cracks 
formed.  The formation of the first web shear cracks was easily identified by an audible cracking 
sound, visual inspection, and sudden changes in the values of LVDTs and strain gages.  First 
cracking was defined as “load stage 1” at which time the mid-span displacement was held 
constant, cracks were marked, crack widths were measured, and photographs were taken.  
Additional “load stages” were held when significant additional cracking had occurred, local 
damage was observed, or after a significant increase in applied load or mid-span displacement 
had taken place.  Zurich Gage readings were taken at the additional “load stages” in addition to 
the tasks completed for “load stage 1.”  The Zurich Gage readings were omitted from “load stage 
1” since little information could be gathered due to the small deformations that were associated 
with first cracking.  Testing continued until one end of the girder failed, at which time the 
applied loading was removed. 
 The repair procedure for each girder differed slightly depending on the level of damage 
the girder sustained.  The first step in repairing a girder was removing all of the loose and 
damaged concrete from the failure region; a roto-hammer with a chisel bit was used to remove 
the damaged concrete and to roughen the surface of undamaged concrete in the repair area.  Then 
a 6-inch square grid of #3 bars was added to each side of the web, the grid was spaced a distance 
of 5 inches from the surface of the web.  If the bottom bulb of the girder was heavily damaged 
the flexural capacity would be enhanced by placing #9 bars along the top surface of the bulb.  If 
the bottom bulb was primarily intact the prestressing strands were externally anchored to prevent 
slip.  Self consolidating concrete was then used to cast a repair that ranged in length from 10 to 
16 feet.  The repair region was then vertically post-tensioned by using HSS sections and 
Dywidag bars located on 2 foot centers.  Figure 4.21 shows various photos of girder repairs.  
Once the girder was repaired the girder could be reloaded until a failure occurred at the end 
opposite the repair.   
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(a) Grid of Reinforcement (b) Formwork 
(c) External Strand Anchorage (d) External Shear Reinforcement 
Figure 4.21 Girder Repair Photographs 
 
4.8 Data Reduction 
Each girder test generated a large amount of data, over 300 MB of numerical data and 
700 MB of pictures and videos.  A program named ExpVis was written so that data from 
multiple data sources could be visualized in a convenient form so that observations could be 
made.  Figure 4.22 shows a screen shot of the user interface for the program.  ExpVis provides 
the user the ability to display data plots and has an output window that visually relates 
measurements to their position on the structure.   
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Figure 4.22 Screenshot of ExpVis - Girder Visualization Program  
 
In addition to ExpVis a commercially available program developed by National 
Instruments called DIAdem was used to reduce the data obtained from the Krypton System.  The 
output form the Krypton system consisted of the three-dimensional position of each LED target 
with respect to time.  A typical test would produce a file with more than 10 million numeric 
values.  Scripts were written in DIAdem to reduce the noise in the data and calculate the strain 
between individual targets.  The information produced by DIAdem could then be imported in to 
ExpVis.     
 
4.9 Summary 
A detailed description of the testing program has been presented as background material 
for the proposed work for analyzing the behavior of girder end regions.  Much of the information 
that was gathered during this program was collected with the intent of completing detailed 
research into shear behavior and was well beyond the scope and objectives of NCHRP Project 
12-56.  The subsequent chapters in this report deal with the processing of the data to obtain 
meaningful recommendations and conclusions from the information that was obtained.   
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Chapter 5 
MEASURED STRENGTHS AND MODES OF FAILURE 
 
 As described in Chapter 4 the primary experimental variables (concrete strength, design 
shear stress, strand configuration, and end region detailing) in an effort to develop different 
failure mechanisms including: shear reinforcement yielding and rupturing, shear reinforcement 
yielding in combination with localized diagonal web crushing, localized diagonal web crushing 
without stirrups yielding, shear failure at the web / bulb interface, distributed diagonal web 
crushing, and failures precipitated by strand slip.  This chapter reports the measured strengths for 
the tests in section 5.1, comments on the observed modes of failure for each test in section 5.2, 
and generally provides a background for the more detailed analysis of the test results that is 
presented in the remaining chapters.  
 
5.1 Measured Strengths 
 The measured strengths of each of the girder tests are reported in Table 5.1.  The results 
are reported as a reaction force at the support and as an applied distributed load at failure for 
each girder end.  The shear stress at failure is also presented and was calculated by determining  
 
Table 5.1 Measured Strengths from Girder Tests 
Girder 
End 
Reaction 
Force 
(kips) 
wtest 
(kips/ft) 
Concrete 
Strength 
f’c (ksi) 
vtest 
(ksi) vtest / f'c 
G1E 572.7 26.03 12.1 1.31 0.108 
G1W 662.0 30.09 12.1 1.54 0.127 
G2E 743.4 33.79 12.6 1.80 0.142 
G2W 852.1 38.73 12.6 2.07 0.164 
G3E 785.0 35.68 15.9 1.84 0.116 
G3W 854.0 38.82 15.9 2.00 0.126 
G4E* 940.1 42.73 16.3 2.33 0.143 
G4W* 940.1 42.73 16.3 2.33 0.143 
G5E 521.4 23.70 17.8 1.13 0.064 
G5W 438.0 19.91 17.8 0.95 0.053 
G6E 760.3 38.32 12.7 1.98 0.156 
G6W 612.7 27.85 12.7 1.47 0.115 
G7E 736.3 33.47 12.5 1.74 0.139 
G7W 626.5 44.75 12.5 2.32 0.186 
G8EB 661.0 43.72 13.3 1.82 0.137 
G8W 667.1 32.70 13.3 1.69 0.127 
G9E 721.6 32.75 9.6 1.84 0.192 
G9W* 840.7 37.20 9.6 2.23 0.232 
G10E 746.5 33.93 10.6 1.91 0.180 
G10W 939.7 42.85 10.6 2.45 0.231 
     * Girder end did not fail in shear 
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the applied load at the critical section and dividing it by the effective shear depth (dv) and the 
effective shear width (bv).  The location of the critical section was determined using the 
AASHTO LRFD Bridge Design Specifications.  Values for dv and the location of the critical 
section for each girder are shown in Table 4.2.  Also shown in Table 5.1 is the ratio of shear 
stress at failure divided by the measure concrete compressive strength (f’c) which ranged from 
0.05 to 0.23.  These values correspond well with the design ratios for shear stress to concrete 
strength that were presented in Table 4.1 and ranged from 0.05 to 0.25. 
 
5.2 Observed Failure Modes 
 The observed failure modes can be generally grouped into the following categories:  
diagonal crushing without yielding shear reinforcement, yielding of shear reinforcement in 
combination with localized diagonal crushing, yielding and rupture of shear reinforcement, 
distributed diagonal crushing, shear failure at the web / bulb interface, and failures precipitated 
by strand slip.  The modes of failure for all of the test girders are described in Figures 5.1a 
through 5.1t. Each of these figures consists of two text boxes and selected photographs. The left 
text box presents material strengths, reinforcement details, and the applied load at failure or 
ultimate. In the right text box, the condition of the structure just prior to failure and the mode of 
failure are described. This includes the ratio of the support reaction force at first shear cracking 
to the support reaction force at failure/ultimate ( R(first crack)/R(failure)), the equivalent 
reaction ratio for first stirrup yield (R(first stirrup yield)/R(failure)), the average stirrup strain at 
peak loading, and whether or not slip had occurred of strands or along shear cracks. In addition, a 
brief description of the type of failure is presented. At the bottom of each summary, several 
images are used to describe the condition of the structure immediately before and/or just after 
failure.  Table 5.2 provides a summary of the condition of each girder just prior to failure or at a 
level of sustained maximum load for girder ends that did not fail; the summary information 
includes the support reaction force, the condition of the web concrete above the support, the 
maximum recorded stirrup strain, prestressing strand slip, and information on the web shear 
cracks.  Much of the information presented in Table 5.2 was also presented in Figure 5.1 but it is 
presented again in a more concise manner for the convenience of the reader. 
The type of failure that was observed in each of the girder tests was heavily influenced by 
the values that were selected for the primary experimental variables which included: concrete 
strength, design shear stress, end region detailing, and strand configuration.  Additional work 
that will be presented in subsequent chapters will take advantage of information gathered from 
concrete surface gages, stirrup strains, and displacement measurements obtained by the Krypton 
System to make assessments on the behavior of the end regions that are subjected to complex 
states of stress. 
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G1E 
 
Concrete: f΄c = 12.1 ksi, f΄c,deck =4.5 ksi 
Stirrup: 2-#4@12, ρvfy = 389 psi 
Strand: 32-straight on bottom, 2-straight 
on top 
 
Failure Load: 26.03 kips/ft 
Loading pattern: (3,44,3)ft 
Support Reaction R: 573 kips 
 
 
R(first crack)/R(failure) = 57% 
R(first stirrup yield)/R(failure) = 65% 
average stirrup strain at failure = 2.0εy 
strand slip prior to failure: minor 
shear slip along cracks: significant 
localized crushing: significant 
Test/LRFD = 1.06 
failure manner: explosive 
 
 
(a) Failure Mode of G1E 
 
G1W 
 
Concrete: f΄c = 12.1 ksi, f΄c,deck =4.5 ksi 
Stirrup: 2-#4@12, ρvfy = 389 psi 
Strand: 16-straight and 6-draped on the 
bottom half; 2-straight on top 
 
Failure Load: 30.09 kips/ft 
Loading pattern: (3,44,3)ft 
Support Reaction R: 662 kips 
 
R(first crack)/R(failure) = 60% 
R(first stirrup yield)/R(failure) = 71% 
average stirrup strain at failure = 2.3εy 
strand slip prior to failure: 0.08 inches 
shear slip along cracks: significant 
localized crushing: significant 
Test/LRFD = 1.22 
failure manner: explosive 
 
 
(b) Failure Mode of G1W 
Figure 5.1 Failure Mode Summaries 
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G2E 
 
Concrete: f΄c = 12.6 ksi, f΄c,deck =8.6 ksi  
Stirrup: 2-#5@11, ρvfy = 745 psi 
Strand: 38-straight on the bottom half; 
2-straight on the top 
 
Failure Load: 33.79 kips/ft 
Loading pattern: (3,44,3)ft 
Support Reaction R: 743 kips 
 
 
R(first crack)/R(failure) = 55% 
R(first stirrup yield)/R(failure) = 82% 
average stirrup strain at failure = 1.1εy 
strand slip prior to failure: 0.02 in. 
shear slip along cracks: significant 
localized crushing: significant 
horizontal sliding after failure: 2.5 in. 
Test/LRFD = 0.96 
failure manner: explosive 
 
 
(c) Failure Mode of G2E 
 
G2W 
 
Concrete: f΄c = 12.6 ksi, f΄c,deck =8.6 ksi 
Stirrup: 2-#5@11, ρvfy = 745 psi 
Strand: 32-straight and 6-draped on the 
bottom half; 2-straight on the top 
 
Failure Load: 38.73 kips/ft 
Loading pattern: (3,44,3)ft 
Support Reaction R: 852 kips 
 
 
R(first crack)/R(failure) = 56% 
R(first stirrup yield)/R(failure) = 61% 
average stirrup strain at failure = 2.1εy 
strand slip prior to failure: 0.025 in. 
shear slip: minor 
localized crushing: significant 
Test/LRFD = 1.15 
failure manner: very explosive with 10-
inch high web segment totally crushed.  
 
 
(d) Failure Mode of G2W 
Figure 5.1 Failure Mode Summaries (continued) 
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G3E 
 
Concrete: f΄c = 15.9 ksi, f΄c,deck =3.6 ksi 
Stirrup: 2-#4@8, ρvfy = 565 psi 
Strand: 42-straight on the bottom; 2-
straight on the top 
 
Failure Load: 35.68 kips/ft 
Loading pattern: (3,44,3)ft 
Support Reaction R: 785 kips 
 
 
R(first crack)/R(failure) = 45% 
R(first stirrup yield)/R(failure) = 50% 
average stirrup strain at failure = 2.3εy 
strand slip prior to failure: none 
shear slip along cracks: significant 
localized crushing: significant 
horizontal sliding after failure: 4 in. 
Test/LRFD = 1.12 
failure manner: very explosive  
 
 
(e) Failure Mode of G3E 
 
G3W 
 
Concrete: f΄c = 15.9 ksi, f΄c,deck =3.6 ksi 
Stirrup: 2-#4@8, ρvfy = 565 psi 
Strand: 42-straight on the bottom; 2-
straight on the top 
Enhancement: Additional 10-foot long 
#3 horizontal skin bars; 
Four pairs of #4 vertical bars in the 
bottom web near support; 
Four 20 inch long spirals wrapped 
around groups of strands; 
Failure Load: 38.82 kips/ft 
Loading pattern: (3,44,3)ft 
Support Reaction R: 854 kips 
 
R(first crack)/R(failure) = 39% 
R(first stirrup yield)/R(failure) = 41% 
average stirrup strain at failure = 2.7εy 
strand slip prior to failure: none 
shear slip along cracks: significant 
localized crushing: significant 
horizontal sliding after failure: minor 
Test/LRFD = 1.21 
failure manner: very explosive  
 
 
 
(f) Failure Mode of G3W 
Figure 5.1 Failure Mode Summaries (continued) 
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G4E 
 
Concrete: f΄c = 16.3 ksi, f΄c,deck =6.3 ksi 
Stirrup: 2-#5@6, ρvfy = 1113 psi 
Strand: 42-straight on the bottom; 2-
straight on the top 
 
Failure Load: 42.73 kips/ft 
Loading pattern: (3,44,3)ft 
Support Reaction R: 940 kips 
 
R(first crack)/R(failure) = 33% 
R(first stirrup yield)/R(failure) = 100% 
average stirrup strain at failure = 0.9εy 
strand slip prior to failure: none 
shear slip along cracks: small 
localized crushing: none 
Test/LRFD = 0.98 
failure manner: No shear failure  
 
  
(g) Failure Mode of G4E 
 
G4W 
 
Concrete: f΄c = 16.3 ksi, f΄c,deck =6.3 ksi 
Stirrup: 2-#5@6, ρvfy = 1113 psi 
Strand: 42-straight on the bottom; 2-
straight on the top 
Enhancement: Additional 10-foot long 
#3 horizontal skin bars; 
Four pairs of #4 vertical bars in the 
bottom web near support; 
Four 20 inch long spirals wrapped 
around groups of strands; 
Test Load: 42.73 kips/ft 
Loading pattern: (3,44,3)ft 
Support Reaction R: 940 kips 
 
R(first crack)/R(failure) = 36% 
R(first stirrup yield)/R(failure) = 100% 
average stirrup strain at failure = 0.9εy 
strand slip prior to failure: none 
shear slip along cracks: small 
localized crushing: none 
Test/LRFD = 0.98 
failure manner: No shear failure  
 
  
(h) Failure Mode of G4W 
Figure 5.1 Failure Mode Summaries (continued) 
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G5E 
 
Concrete: f΄c = 17.8 ksi, f΄c,deck =6.1 ksi 
Stirrup: 2-#3@20, ρvfy = 169 psi,  
             Welded-wire reinforcement were 
used 
Strand: 24-straight on the bottom 
 
Test Load: 23.70 kips/ft 
Loading pattern: (3,44,3)ft 
Support Reaction R: 521 kips 
 
 
R(first crack)/R(failure) = 71% 
R(first stirrup yield)/R(failure) = 71% 
average stirrup strain at failure = 3εy 
stirrups fractured . 
strand slip prior to failure: 0.02 in. 
shear slip along cracks: significant 
the bottom bulb flange: broken 
horizontal sliding after failure: 4.5 in. 
Test/LRFD = 1.23 
failure manner: very explosive  
 
 
(i) Failure Mode of G5E 
 
G5W 
 
Concrete:  f΄c = 17.8 ksi, f΄c,deck =6.1 ksi 
Stirrup: 2-#3@20, ρvfy = 140 psi 
Strand: 24-straight on the bottom 
 
Test Load: 19.91 kips/ft 
Loading pattern: (3,44,3)ft 
Support Reaction R: 438 kips 
 
 
R(first crack)/R(failure) = 61% 
R(first stirrup yield)/R(failure) = 73% 
average stirrup strain at failure = 2εy 
strand slip prior to failure: none. 
Local crushing: significant 
horizontal sliding found along a 
preexisting crack. 
Test/LRFD = 1.12 
failure manner: brittle 
 
 
(j) Failure Mode of G5W 
Figure 5.1 Failure Mode Summaries (continued) 
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G6E 
 
Concrete:  f΄c = 12.7 ksi, f΄c,deck =9.2 ksi 
Stirrup: 2-#5@12, ρvfy = 557 psi 
Strand: 42-straight on the bottom, 2-
straight on the top 
 
Test Load: 38.32 kips/ft 
Loading pattern: (15,32,3)ft 
Support Reaction R: 760 kips 
 
 
R(first crack)/R(failure) = 47% 
R(first stirrup yield)/R(failure) = 77% 
average stirrup strain at failure = 1.7εy 
strand slip prior to failure: none 
shear slip along cracks: significant 
localized crushing: significant 
horizontal sliding after failure: 2.0 in.  
Test/LRFD = 1.1 
failure manner: explosive  
 
 
(k) Failure Mode of G6E 
 
G6W 
 
Concrete:  f΄c = 12.7 ksi, f΄c,deck =9.2 ksi 
Stirrup: 2-#5@12, ρvfy = 557 psi 
Strand: 42-straight (16-debonded) on the 
bottom, 2-straight on the top (2 
debonded) 
 
Failure Load: 27.85 kips/ft 
Loading pattern: (3,44,3)ft 
Support Reaction: 613 kips 
 
R(first crack)/R(failure) = 60% 
R(first stirrup yield)/R(failure) = 100% 
average stirrup strain at failure = 1.6εy 
strand slip prior to failure: 0.5 inch 
shear slip along cracks: significant 
localized crushing: significant 
horizontal sliding after failure: 1.0 in.  
Test/LRFD = 1.01 
failure manner: brittle  
 
 
(l) Failure Mode of G6W 
Figure 5.1 Failure Mode Summaries (continued) 
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G7E 
 
Concrete:   f΄c = 12.5 ksi, f΄c,deck =4.5 ksi 
Stirrup: 2-#4@8, ρvfy = 557 psi 
Strand: 42-straight on the bottom, 2-
straight on the top  
 
Test Load: 33.47 kips/ft 
Loading pattern: (3,44,3)ft 
Support Reaction: 736 kips 
 
 
R(first crack)/R(failure) = 54% 
R(first stirrup yield)/R(failure) = 93% 
average stirrup strain at failure = 1.2εy 
strand slip prior to failure: none 
shear slip along cracks: minor 
localized crushing: minor 
Test/LRFD = 1.09 
failure manner: loading stopped before 
explosive failure formed. 
 
  
(m) Failure Mode of G7E 
 
G7W 
Concrete:  f΄c = 12.5 ksi, f΄c,deck =4.5ksi 
Stirrup: 2-#4@8, ρvfy = 557 psi (end) 
2-#3@23, ρvfy = 119 psi (transition) 
Strand: 42-straight on the bottom, 2-
straight on the top  
Enhancement: all strands were anchored 
to a steel plate; A 5-foot long diaphragm 
was cast 
 
Test Load: 44.75 kips/ft 
Loading pattern: (11,28,11)ft 
Support Reaction R: 627 kips 
 
 
R(first crack)/R(failure) = 66% 
R(first stirrup yield)/R(failure) = 95% 
average stirrup strain at failure = 2.6εy 
strand slip prior to failure: none 
shear slip along cracks: significant 
localized crushing: significant 
horizontal sliding after failure: minor  
Test/LRFD = 1.08 
failure manner: brittle   
 
 
(n) Failure Mode of G7W 
Figure 5.1 Failure Mode Summaries (continued) 
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G8E 
 
Concrete: f΄c = 13.3 ksi, f΄c,deck =7.0ksi 
Stirrup: 2-#4@8, ρvfy = 557 psi  
Strand: 42-straight on the bottom, 2-
straight on the top; 
Enhancement: all strands were 
anchored; 
5-foot long diaphragms were cast on 
either side with lateral post-tensioning. 
Failure Load: 43.72 kips/ft 
Loading pattern: (13,28,9)ft 
Support Reaction R: 661 kips 
 
R(first crack)/R(failure) = 48% 
R(first stirrup yield)/R(failure) = 62% 
average stirrup strain at failure = 1.8εy 
strand slip prior to failure: none  
shear slip along cracks: small 
localized crushing: significant 
Test/LRFD = 1.17 
failure manner: brittle , distributed 
crushing across a bond of diagonal 
compression before the diaphgrams 
 
 
(o) Failure Mode of G8E 
 
G8W 
 
Concrete:  f΄c = 13.3 ksi, f΄c,deck =7.0ksi 
Stirrup: 2-#4@8, ρvfy = 557 psi  
Strand: 42-straight on the bottom, 2-
straight on the top; 
Enhancement: two aluminum plates 
were installed  
 
Failure Load: 32.70 kips/ft 
Loading pattern: (3,34,13)ft 
Support Reaction: 852 kips 
 
 
R(first crack)/R(failure) = 52% 
R(first stirrup yield)/R(failure) = 82% 
average stirrup strain at failure = 0.95εy 
strand slip prior to failure: none 
shear slip along cracks: significant along 
plates 
localized crushing: significant 
Test/LRFD = 0.94 
failure manner: the loading was halted 
after failure was deemed imminent. 
 
(p) Failure Mode of G8W 
Figure 5.1 Failure Mode Summaries (continued) 
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G9E 
 
Concrete:  f΄c = 9.6 ksi, f΄c,deck = 6.0 ksi 
Stirrup: 2-#5@6.5, ρvfy = 1040 psi  
Strand: 34-straight on the bottom, 2-
straight on the top  
 
Failure Load: 32.80 kips/ft 
Loading pattern: (3,44,3)ft 
Support Reaction: 722 kips 
 
 
R(first crack)/R(failure) = 49% 
Stirrup didn’t yield at failure;  
average stirrup strain at failure = 0.7εy 
strand slip prior to failure: 0.013 inch 
shear slip along cracks: none 
localized crushing: significant 
horizontal sliding after failure: 4.0 in.  
Test/LRFD = 0.91 
failure manner: explosive, concrete 
crushed along the interface of web and 
bottom bulb. 
 
 
(q) Failure Mode of G9E 
 
G9W 
Concrete: f΄c = 9.6 ksi, f΄c,deck = 6.0 ksi 
Stirrup: 2-#5@4, ρvfy = 1690 psi  
Strand: 24-straight  and 10-draped on 
the bottom, 2-straight on the top  
 
Test Load: 37.20 kips/ft , 22.32 kips/ft 
Loading pattern: (3,26,21)ft / (4, 10,36)ft 
Support Reaction: 840.7 kips 
 
R(first crack)/R(failure) = 57% 
Stirrup didn’t yield at failure;  
average stirrup strain at failure = 0.5εy 
strand slip prior to failure: none 
shear slip along cracks: none 
localized crushing: significant 
Test/LRFD = 0.91 
failure manner: test load was stopped 
when  local crushed was observed which 
suggested the loading was within a few 
percent of the failure. 
 
  
(r) Failure Mode of G9W 
Figure 5.1 Failure Mode Summaries (continued) 
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G10E 
 
Concrete: f΄c = 10.6 ksi, f΄c,deck = 5.4 ksi 
Stirrup: 2-#5@9, ρvfy = 751 psi  
Strand: 34-straight (8-debonded) on the 
bottom, 2-straight on the top  
 
Test Load: 33.93 kips/ft 
Loading pattern: (3,44,3)ft 
Support Reaction: 747 kips 
 
R(first crack)/R(failure) = 46% 
R(first stirrup yield)/R(failure) = 92%; 
average stirrup strain at failure = 1.3εy 
strand slip prior to failure: 0.01 in. 
shear slip along cracks: significant 
localized crushing: significant 
Test/LRFD = 1.17 
failure manner: test load was halted to 
prevent a brittle failure when  local 
crushing was observed near the support; 
failure was considered imminent 
 
  
(s) Failure Mode of G10E 
 
G10W 
 
Concrete: f΄c = 10.6 ksi, f΄c,deck = 5.4 ksi 
Stirrup: 2-#5@9, ρvfy = 751 psi  
Strand: 24-straight and 10-draped on the 
bottom, 2-straight on the top  
 
Test Load: 42.85 kips/ft 
Loading pattern: (3,43,4)ft 
Support Reaction: 940 kips 
 
 
R(first crack)/R(failure) = 46% 
R(first stirrup yield)/R(failure) = 87%; 
average stirrup strain at failure = 1.7εy 
strand slip prior to failure: none 
shear slip along cracks: minor 
localized crushing: significant 
horizontal sliding after failure: minor 
Test/LRFD = 1.34 
failure manner: very explosive, with 
concrete in the bottom web near support 
totally crushed over 10 inches height. 
 
(t) Failure Mode of G10W 
Figure 5.1 Failure Mode Summaries (continued) 
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Table 5.2 Conditions at Failure of Girders 
End 
React-
ion 
Force 
(kips) 
Condition of 
Web Concrete 
Above Support 
Max. 
Stirrup 
Strain 
Strand 
Slip 
(inch) 
Web Shear Cracks 
Spacing
(inch) 
Width 
(mm) 
Shear 
Slip 
G1E 572.7 Web base crush 3.2εy 0.08 5.8 1.0 Large 
G1W 662.0 Web base crush 3.7εy 0.07 3.7 1.0 Small 
G2E 743.4 Web base crush 2.0εy 0.02 5.1 0.60 Yes 
G2W 852.1 Web base crush 3.5εy 0.025 4.2 0.80 No 
G3E 785.0 Web base crush 4.0εy No 4.7 0.55 Yes 
G3W 854.0 Web base crush 4.0εy No 4.3 0.50 Yes 
G4E 940.1 Good 1.0εy No 3.5 0.55 Small 
G4W 940.1 Good 1.0εy No 3.1 0.30 Small 
G5E 521.4 Bulb broken Fracture 0.02 5.7 >5.0 Yes 
G5W 438.0 ** 5.0εy No 6.1 2.5 Yes 
G6E 760.3 Web base crush 3.1εy No 5.0 1.0 Yes 
G6W 612.7 Web base crush 3.7εy 0.5 5.8 0.70 Yes 
G7E 736.3 ** 1.7εy No 4.6 0.90 Yes 
G7W 626.5 Web base crush 3.7εy No (A) 3.8 1.2 Yes 
G8E 661.0 Field crushing 2.5εy No (A) 4.0 1.5 Yes 
G8W 667.1 ** 1.7εy No 4.8 1.2 Yes 
G9E 721.6 Web base crush 0.8εy 0.013 4.1 0.50 No 
G9W 840.7 ** 0.6εy No 3.1 0.30 No 
G10E 746.5 ** 1.7εy 0.01 3.9 1.0 Yes 
G10W 939.7 Web base crush 2.4εy No 4.3 0.55 Yes 
        **: Modest local crushing or significant cracking in web or bottom bulb that indicates  
        the initiation of failure, (A): externally anchored strands 
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Chapter 6 
SHEAR FRICTION TESTS 
  
As described in Chapter 2, the LRFD Sectional Design Model is derived from the 
Modified Compression Field Theory (MCFT) in which the concrete contribution to shear 
resistance is limited by interface shear transfer resistance (ISTR, commonly referred to as 
aggregate interlock).  The underlying MCFT relationship for evaluating interface shear slip 
resistance is a function of crack width, crack roughness, concrete strength, and the resistance to 
crack opening provided by the longitudinal reinforcement.  One of the motivations for NCHRP 
Project 12-56 was that shear cracks in HSC specimens could be much smoother than in a normal 
strength concrete structure and that this could lead to much less interface shear transfer resistance 
than assumed in the derivation in the LRFD Sectional Design Model.   
The results from the tests on the HSC girders provided the data necessary to evaluate the 
safety of the LRFD Sectional Design Model but they did not provide data that can be directly 
used to evaluate the appropriateness of the extension of the MCFT relationship for shear slip 
resistance in HSC structures.  To this end, a series of 18 shear transfer test specimens were cast 
in conjunction with the large concrete bridge girders for this project.  These shear transfer 
specimens were cast using the same concrete materials as those used to cast the first six girders 
and they contained the same quantity of reinforcement as used in the webs of the first six girders.  
The remaining sections describe the details of the shear transfer test specimens, the test setup, the 
instrumentation, and the test results. 
 
6.1 Design of Shear-Friction Test Specimens 
 Push-off type shear-friction test specimens were constructed that were similar in shape to 
those used by Walraven [6-1].  See Figure 6.1 in which the specimen may be considered to 
consist of two boot-shaped segments, one pointing upwards and the other down, and where the 
cracking plane is at the interface between the two boots. The experimental test variables were 
concrete strength, reinforcement ratio, and angle of reinforcing bars. This last variable is 
relatively uncommon but of critical importance in properly understanding the capacity for ISTR 
in the web of a beam. Figure 6.2 describes the idealized segment of a girder of Length (L) that is 
evaluated in the shear-friction tests in which it is shown that the reinforcement is not 
perpendicular to the plane of cracking. The angle of shear cracking was expected to be between 
25 and 35 degrees in the bridge girders and test specimens were designed accordingly.   
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Figure 6.1 Shear Friction Test Specimen Geometry 
 
 
Figure 6.2 Shear Friction Specimen Idealization 
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Table 6.1 Shear Friction Test Specimen Details 
Specimen 
Designation 
Concrete
Strength 
(ksi) 
L 
(in) 
Shear 
Reinforcement 
s 
(in) 
α 
(º) 
g1sh_4_4_25 13.5 26.5 2- #4 (0.4 in2) 12 25 
g1sl_2_4_25 13.5 26.5 1- #4 (0.4 in2) 12 25 
g1sh_4_4_35 13.5 29.25 2- #4 (0.4 in2) 12 35 
g1sl_2_4_35 13.5 29.25 1- #4 (0.4 in2) 12 35 
g2sh_4_5_25 14.2 24.25 2- #5 (0.62 in2) 11 25 
g2sl_2_5_25 14.2 18.75 1- #5 (0.62 in2) 8.5 25 
g2sh_4_5_35 14.2 26.875 2- #5 (0.62 in2) 11 35 
g2sl_2_5_35 14.2 20.75 1- #5 (0.62 in2) 8.5 35 
g3sh_4_4_25 16.6 17.625 2- #4 (0.4 in2) 8 25 
g3sl_4_4_25 16.6 26.5 2- #4 (0.4 in2) 12 25 
g3sh_4_4_35 16.6 19.5 2- #4 (0.4 in2) 8 35 
g3sl_4_4_35 16.6 29.25 2- #4 (0.4 in2) 12 35 
g4sh_4_5_25 16.6 13.45 2- #5 (0.62 in2) 6 25 
g4sl_4_5_35 16.6 14.625 2- #5 (0.62 in2) 6 35 
g5sh_2_3_25 17.5 22.125 1- #3 (0.11 in2) 10 25 
g5sh_2_3_35 17.5 24.375 1- #3 (0.11 in2) 10 35 
g6sh_4_5_25 13.5 26.5 2- #5 (0.62 in2) 12 25 
g6sh_4_5_35 13.5 29.25 2- #5 (0.62 in2) 12 35 
Shear plane thickness = 6.5 inches 
 
Table 6.1 and Figure 6.1 present the details for all 18 shear-friction test specimens.  The 
designator of each specimen was selected so that it could serve as an identifier that described all 
relevant details of the specimen. The first two characters indicate the girder with which the 
specimen was cast i.e., g1 indicates a specimen that was cast with Girder 1.  The next two 
characters, sh and sl, indicate whether the specimen represented a region of the girder subjected 
to higher shear stress (closest shear design section to support) or lower shear stress (shear design 
section further from support), respectively.  The next numeral indicates how many bars crossed 
the shear plane. Bar size is indicated by the next entry in the label with 3, 4, or 5 corresponding 
to the customary US bar size designation.  The final entry is the angle of the orientation of the 
reinforcing bars relative to a normal from the shear plane, either 25 or 35 degrees.  Table 1 
presents additional geometric details for the test specimens for the variables described in Figure 
1; this includes the spacing of the reinforcement crossing the shear plane (s), and the length of 
the shear plane (L).  The thickness for the shear plane for each specimen was 6.5 inches which is 
slightly thicker than the 6 inch width of the web for the bridge girders. 
 
6.2 Instrumentation Details and Testing Procedure 
The first step in testing a specimen was to attach displacement targets to the surface of the 
specimen. As shown in Figure 6.3, four targets were attached on each side of the specimen in a 
rectangular configuration that was 12 inches in height and 10 inches in width.  This configuration 
provided four measurements points to determine initial crack width, two on each side of the 
specimen.  Prior to pre-cracking, the initial distance between targets that crossed the crack were 
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measured with a portable displacement measurement device called a Whittemore Gage that was 
capable of measuring changes in distance to an accuracy of +/- 0.00005 inches. To pre-crack the 
test specimen, it was placed in the testing frame in a horizontal orientation with one-inch 
diameter round steel bars placed into the triangular grooves that had been cast into the faces of 
the specimen.  Forcing the bars into the triangular grooves generated a splitting force sufficient 
to initiate cracking.  The pre-cracking load was applied to a specimen in a controlled manner in 
an effort to minimize the width of the initial cracks.  After pre-cracking, another set of 
measurements were taken using the Whittemore Gage.  The initial crack widths were calculated 
from the two sets of measurements and the four values were then averaged to determine the 
initial crack widths reported in Table 2. 
 
(a) (b) 
Figure 6.3 Instrumentation Layout 
(a) schematic view, (b) specimen prepared for testing 
 
As shown in Figure 6.3, three LVDTs were installed on one face of the test specimen, 
two for measuring crack opening at distances of 7.5 inches above and below mid-height of the 
shear plane (6 inches for the G4 specimens), and one for measuring slip at mid-height of the 
shear plane.  The specimen was then placed in the testing frame in a vertically oriented manner 
with rollers on the bottom surface and a swivel on the top.  Figure 6.3(b) presents a photograph 
of a specimen positioned in the testing machine immediately prior to the start of a test and shows 
the rollers, swivel, and location of the displacement targets and LVDTs.   
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Table 6.2 Shear Friction Experimental Results 
Specimen 
Designation 
Initial 
Crack 
Width
(mm) 
Acv 
(in2) 
As 
(in2)
ρv 
(%) 
fsy 
(ksi)
Max 
Load 
(kips)
Max 
Shear 
Stress 
(ksi) 
g1sh_4_4_25 0.31 172.3 0.8 0.46 70.0 128.9 749 
g1sl_2_4_25 0.21 172.3 0.4 0.23 70.0 61.9 359 
g1sh_4_4_35 0.13 190.1 0.8 0.42 70.0 134.0 705 
g1sl_2_4_35 0.23 190.1 0.4 0.21 70.0 85.7 451 
g2sh_4_5_25 0.03 157.6 1.24 0.79 79.3 169.9 1078 
g2sl_2_5_25 0.14 121.9 0.62 0.51 79.3 90.6 744 
g2sh_4_5_35* 0.11 174.7 1.24 0.71 79.3 153.7 880 
g2sl_2_5_35 0.29 134.9 0.62 0.46 79.3 91.4 678 
g3sh_4_4_25 0.17 114.6 0.8 0.70 67.8 114.7 1001 
g3sl_4_4_25 0.16 172.3 0.8 0.46 67.8 131.9 766 
g3sh_4_4_35 0.22 126.8 0.8 0.63 67.8 121.5 958 
g3sl_4_4_35 0.71 190.1 0.8 0.42 67.8 140.2 738 
g4sh_4_5_25 0.12 87.4 1.24 1.42 64.6 146.2 1672 
g4sl_4_5_35* 0.13 95.1 1.24 1.30 64.6 150.9 1587 
g5sh_2_3_25 0.55 143.8 0.22 0.15 76.5 44.7 311 
g5sh_2_3_35 0.86 158.4 0.22 0.14 76.5 45.7 288 
g6sh_4_5_25 0.19 172.3 1.24 0.72 64.7 192.8 1120 
g6sh_4_5_35 0.19 190.1 1.24 0.65 64.7 179.9 946 
*Specimen did not fail due to interface shear transfer 
 
The specimens were loaded in a 600 kip servo-controlled hydraulic testing machine that 
was operated in displacement control. The loading procedure was as follows.  Specimens were 
preloaded with 1 kip force. The imposed vertical displacement was then increased at a rate of 
0.02 inches per minute until the total load on the specimen reached 10 kips. Then, from that point 
on, the displacement rate was decreased to 0.008 inches per minute.  Finally, the loading rate was 
increased to 0.016 inches per minute after the applied load reached 5% less than the peak load 
obtained during the test.  Specimens were loaded until the slip along the crack reached 0.4 inches 
or until a reinforcing bar ruptured.  
The data for the tests were acquired using a PC based data acquisition system at a 
sampling rate of 2 Hz.  The data acquisition system ran a program written using National 
Instruments LabVIEW and was responsible for acquiring data for the load and position of the 
testing machine and the data for crack width and slip from the three LVDTs.  The testing of an 
individual specimen typically took about one hour to complete.   
 
6.3 Experimental Results 
Of the 18 specimens, 16 were tested successfully and failed in shear at the desired 
location.  Two specimens (g2sh_4_5_35 and g4sl_4_5_35) did not reach the peak shear loads 
due to flexural failure in the boots. Thus, the results from these two tests are lower bound values 
for the shear-friction capacity.  The flexural failure concern was mostly overcome in the Girder 6 
test specimens through the use of external flexural reinforcement. While peak shear loads were  
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(a) G1SH_4_4_25 (b) G1SH_4_4_35 
Figure 6.4 Plots of Experimental Results 
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(c) G1SL_2_4_25 (d) G1SL_2_4_35 
Figure 6.4 Plots of Experimental Results (continued) 
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(e) G2SH_4_5_25 (f) G2SH_4_5_35 
Figure 6.4 Plots of Experimental Results (continued) 
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(g) G2SL_2_5_25 (h) G2SL_2_5_35 
Figure 6.4 Plots of Experimental Results (continued) 
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(i) G3SH_4_4_25 (j) G3SH_4_4_35 
Figure 6.4 Plots of Experimental Results (continued) 
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(k) G3SL_4_4_25 (l) G3SL_4_4_35 
Figure 6.4 Plots of Experimental Results (continued) 
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(m) G4SH_4_5_25 (n) G4SL_4_5_35 
Figure 6.4 Plots of Experimental Results (continued) 
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(o) G5SH_2_3_25 (p) G5SH_2_3_35 
Figure 6.4 Plots of Experimental Results (continued) 
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(q) G6SH_4_5_25 (r) G6SH_4_5_35 
Figure 6.4 Plots of Experimental Results (continued) 
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obtained for these specimens, flexural problems were encountered before the specimens reached 
0.4 inches of shear slip.   
Figure 6.4 shows shear stress vs. crack opening, shear stress vs. crack slip, and crack 
opening vs. crack slip results for each of the 18 test specimens.  The crack opening plots are 
offset by the initial crack width for each specimen.  Care was taken during pre-cracking to ensure 
that initial crack widths were kept to a minimum.  However, in many of the lightly reinforced 
specimens it was difficult to control the initial crack width.  The scales for crack slip and crack 
opening are constant in all the figures so that relative comparisons can be made between these 
figures.  The scale for shear stress is variable as there is a wide range of values for maximum 
shear stress for the specimens.  Maintaining the constant scales makes it evident that specimens 
g2sh_2_5_35 and g4sl_2_5_35 did not reach peak loads and also shows that the two girder 6 
specimens were unable to be taken to the same level of crack opening and crack slip as the other 
specimens. 
Table 6.2 presents the overall test results from each of the 18 specimens.  Values reported 
include the average initial crack width, as well as the maximum applied load and the 
corresponding maximum shear stress.  Since the maximum load values reported for the 
g2sh_4_5_35 and g4sl_4_5_35 specimens were not associated with a shear slip failure, they are 
denoted by an asterisk. 
 
6.4 Discussion of Experimental Results 
The measured experimental ISTR is compared with the code-calculated strength from the 
LRFD Specifications and ACI 318-05.  For cracked members, both codes consider an ISTR 
component that is the product of the resistance to crack opening (Avffsy) and a friction coefficient 
(μ).  Shear resistance provided across a crack according to ACI 318-05 is given by: 
 
μsyvfn fAV = .           (6-1) 
According to the LRFD Bridge Design Specifications, the shear resistance is given by: 
][ csyvfcvn PfAcAV ++= μ .         (6-2) 
Equation 6-2 adds terms to account for cohesion (cAcv) and a permanent net compressive 
stress normal to the shear plane (Pc).   An upper limit on interface shear transfer resistance of 800 
psi is also imposed by both codes.  Different values of μ are used to account for different surface 
conditions on the crack face. The calculated strengths for the comparison with test data were 
calculated using values of 1.4 for μ and 150 psi for c, which corresponds to concrete placed 
monolithically.  Expressing equations 6-1 and 6-2 in terms of stress provides equations 6-3 and 
6-4 which provide increased flexibility for interpreting experimental data 
+= syvn fv μρ            (6-3) 
][ ++= syvn fcv ρμ .          (6-4) 
 Table 6.3 presents comparisons of the experimentally measured ISTR with that resistance 
calculated by the ACI and LRFD methods. To make these comparisons, it was necessary to 
adjust the experimental results to account for the effect of reinforcement bar angle on shear stress 
and clamping force. As the angle of the bars deviate from normal, their contribution to crack- 
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opening resistance decreases while they directly support a component of applied shear stress due 
to axial tension in the bars. Column three of Table 6.3 provides the values of clamping stress that 
are adjusted for the angle of the reinforcing bars (ρvfsy+); this value was substituted into equations 
6-3 and 6-4 to determined the calculated ISTR by the LRFD and ACI provisions. The value for 
the experimental net shear stress (net vtest) shown in column 4 is adjusted to remove the 
contribution of the angled bars to shear resistance.  From this, the ISTR ratios of test to 
calculated strength were determined as reported in columns 6 and 7.  Note that the 800 psi limit 
on interface shear transfer stress was not taken into account for calculating the ACI and LRFD 
ISTR. The results illustrate that the ACI specifications are somewhat more conservative that the 
LRFD specifications. 
 
Table 6.3 Comparison of Experimental Results 
specimen 
designation 
ρvfsy 
(psi) 
ρvfsy+ 
(psi) 
vtest 
(psi) 
net vtest 
(psi) 
net vtest / 
LRFD vn 
net vtest / 
ACI vn 
net vtest / 
MCFT vci 
w=0.3 
mm 
net vtest / 
MCFT vci 
w=0.75 
mm 
g1sh_4_4_25 325 295 749 611 1.09 1.48 1.82 3.46 
g1sl_2_4_25 163 147 359 291 0.82 1.41 0.87 1.65 
g1sh_4_4_35 295 241 705 536 1.10 1.59 1.60 3.04 
g1sl_2_4_35 147 121 451 366 1.15 2.17 1.09 2.08 
g2sh_4_5_25 624 565 1078 814 0.86 1.03 2.37 4.49 
g2sl_2_5_25 403 366 744 573 0.87 1.12 1.67 3.16 
g2sh_4_5_35* 563 461 880 557 0.70 0.86 1.62 3.07 
g2sl_2_5_35 365 299 678 469 0.83 1.12 1.36 2.59 
g3sh_4_4_25 473 429 1001 801 1.07 1.33 2.15 4.09 
g3sl_4_4_25 315 285 766 632 1.15 1.58 1.70 3.23 
g3sh_4_4_35 428 351 958 713 1.11 1.45 1.91 3.64 
g3sl_4_4_35 285 234 738 574 1.20 1.75 1.54 2.93 
g4sh_4_5_25 916 830 1672 1285 0.98 1.10 3.45 6.55 
g4sl_4_5_35* 843 690 1587 1104 0.99 1.14 2.96 5.63 
g5sh_2_3_25 117 106 311 261 0.87 1.76 0.68 1.30 
g5sh_2_3_35 106 87 288 227 0.84 1.87 0.59 1.13 
g6sh_4_5_25 466 422 1120 923 1.25 1.56 2.75 5.22 
g6sh_4_5_35 422 346 946 704 1.11 1.46 2.10 3.98 
* specimen did not fail due to interface shear transfer mean 1.01 1.49 1.70 3.24 
+ clamping force adjusted for angle of reinforcement COV 0.15 0.21 0.44 0.44 
COV: Coefficient of Variation – ratio of  standard deviation to the  mean     
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Figure 6.5 Comparison of Experimental Results with Code Predictions 
 
To further compare these strength results, Figure 6.5 examines the influence of clamping 
stress on ISTR and compares measured values with those calculated using the LRFD and ACI 
provisions; the 800 psi limit used in this code provisions is also shown.  The ACI calculated 
ISTR is conservative in all cases for which a shear failure was obtained. The LRFD ISTR 
strength was unconservative for five of the specimens that failed in shear. There was no 
correlation with the level of clamping stress and the accuracy or safety of the LRFD provisions.   
An additional comparison was made between the experimentally measured ISTR with that used 
for this resistance (vci) in the MCFT.  The expression for vci in the MCFT is based on shear-
friction test results that were obtained by Walraven [6-2], is a function of concrete strength, 
crack width, and crack roughness as shown in equation 6-5.  Columns 8 and 9 in Table 6.3 
provide ratios of the experimental measured ISTR to those calculated by equation 6-5 with crack 
widths of 0.3 mm and 0.75 mm respectively.  The results illustrate that the expression for ISTR 
used in the MCFT is quite conservative. Since the ISTR in the MCFT decreases with crack 
width, then it is necessary to compare the measured and calculated strength at multiple crack 
widths.  This comparison is made in Figure 6.6 in which the measured ISTR versus opening from 
selected tests is presented along with the calculated variation of vci by equation 6-5.  In this 
figure, the net shear stress (net vtest) normalized by the square root of the concrete cylinder 
compressive strength is plotted versus crack opening for representative test specimens.  The 
experimental net shear stress curves were determined by estimating the strain in the reinforcing 
steel based on the crack slip and crack opening measurements.  This allowed for the contribution 
of the reinforcing steel to shear resistance to be removed from the total load applied to each 
specimen.  Comparisons are made to the calculated variation for vci that are also normalized by 
the square root of concrete strength for aggregate sizes of 0 and 1/2 inch.  The results illustrate 
that the interface shear transfer resistance provided by the concrete is in excess of that calculated 
by equation 6-5 for all cases for crack widths exceeding 1 mm.   
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vci, a = 0” 
 
Figure 6.6 Comparison of Test Results with vci Predictions 
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6.5 Shear Demand on a Crack in a Beam 
 The LRFD general shear design provisions were derived from the MCFT. In this 
approach, the concrete contribution to shear resistance in a beam is based on the ability of the 
structural concrete to transmit tension in the web of this beam. Between diagonal cracks, as 
shown in Figure 6.7(a), this tension is principally provided by the uncracked concrete. At a crack 
location, as shown in Figure 6.7(b), this tension is transmitted across the crack by a combination 
of shear carried along the crack and local increases in the stress in the reinforcing bars up to their  
 
(a) Calculated Average Stresses (b) Local Stresses at a Crack 
Figure 6.7 Shear Demand on a Crack when θ = θcr  
 
yield strength. Therefore, the concrete contribution to shear resistance in the LRFD 
specifications is limited by the ability to transmit shear along a crack (τ ≤ vci).    
In accordance with the derivation of the LRFD shear provisions from the MCFT, the 
shear demand on a crack in a beam can be determined by taking the net force in the vertical 
direction to be zero and assuming that the horizontal reinforcement has not yielded and that the 
vertical reinforcement has yielded at the crack. Since the vertical force acting across the crack in 
Figure 6.7(b) must be equal to the vertical force acting across the uncracked diagonal line in 
Figure 6.7(a), then the shear demand on the crack, τ, can be determined from: 
θρτ cot)]([ 1 ssyv fff −−= .           (6-6) 
This is the total shear demand on the crack providing that the diagonal compression (θ) 
and the angle of diagonal cracking coincide. In the design of a beam by the LRFD shear 
provisions, the angle of diagonal compression (θ) is provided from a design table. If the angle of 
diagonal cracking, θcr, is not coincident with the tabulated angle of diagonal compression, then 
there will be an additional component to the shear stress on the crack face. Table 6.4 shows the 
average measured crack angle at the first critical section compared with the LRFD predicted 
angle of principal compression evaluated at the same location.  A comparison of the observed 
angle of cracking for each of the 20 girder ends revealed that the LRFD angle of diagonal 
compression was typically flatter, by a margin of up to 4.5 degrees, than the observed angle of 
cracking.  The lone exception was the East end of Girder 9 where the observed angle of cracking 
at the first critical section was 4.3 degrees less than the LRFD value for the angle of principal 
compressive stress. 
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Table 6.4 Comparison of Measured and Predicted Angles of Cracking 
Girder 
West East 
Avg. Measured 
Crack Angle (º) 
LRFD Angle of 
Principal 
Comp. Stress (º)
Avg. Measured 
Crack Angle (º)
LRFD Angle of 
Principal 
Comp. Stress (º)
1 28.4 24.9 26.7 23.2 
2 30.9 27.8 28.5 25.5 
3 27.1 23.7 26.1 23.7 
4 30.7 28.5 28.7 28.5 
5 25.6 21.8 23.7 21.8 
6 26.4 25.9 28.2 23.7 
7 25.5 24.2 25.8 24.2 
8 28.3 23.7 27.7 23.7 
9 32.2 30.0 28.5 32.8 
10 28.3 27.6 29.4 28.8 
 
The additional shear stress imposed on a crack due to lack of coincidence of the angles of 
diagonal compression and cracking is now evaluated. Figure 6.8(a) shows a field of diagonal 
cracks in reinforced concrete that could result from an arbitrary uniform state of in-plane normal 
and shear stresses.  This may be considered to represent a portion of the first shear design region 
that was shown in Figure 6.2.  Three square elements, labeled 1 through 3, are used to provide 
interpretations of the same state of stress.  Figure 6.8(b) presents a Mohr’s Circle of stress with 
states of stress labeled that correspond to the elements shown in Figure 6.8(a).  Element 1 
represents the arbitrary uniform state of stress that can be expressed in terms of fx, fy, and τ.  The 
LRFD predicted state of stress is represented by the principal stresses f1 and f2 on element 2 
which is oriented at an angle, θ, corresponding to the LRFD calculated angle of diagonal 
compression. Element 3 is rotated through an angle of θ+Δθ so that it aligns with the angle of  
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(a) Differential Elements 
 
 
(b) Mohr’s Circle of Stress 
Figure 6.8 Shear Demand at a Crack when θcr ≠ θ  
 
cracking; it is subjected to the normal stresses f1’ and f2’ and shear stress τ’.  The angle Δθ 
corresponds to the difference in the observed direction of cracking and the LRFD angle of 
principal compression.  Relationships for the stresses represented by element 3 can be derived 
from Mohr’s circle and expressed in terms of the principal stresses from element 2 as presented 
here  
θΔ−++= 2cos
22
2121'
1
fffff                  (6-7) 
θΔ−−+= 2cos
22
2121'
2
fffff         (6-8) 
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θτ Δ−= 2sin
2
21' ff .          (6-9) 
 When the LRFD tabulated angle of principal compressive stress does not coincide with 
the observed angle of cracking, the shear demand on a crack can be evaluated by combining 
equations 6-6, 6-7, and 6-9 as shown here: 
( )θθρθθτ Δ+⎥⎦
⎤⎢⎣
⎡ −−Δ−+++Δ−= cot)(2cos
22
2sin
2
212121
ssyv ff
ffffff .  (6-10) 
 A parametric study was completed to evaluate the impact that different values of Δθ have 
on the shear demand on a crack.  The variables that were controlled included the concrete 
strength (fc’), strain at mid-depth (εx), and design shear stress ratio (v/fc’), and reinforcing bar 
yield strength (fsy).  These values were input into a spreadsheet [6-3] to determine the optimal 
values for beta and theta used in the LRFD code and thereby to provide  
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Figure 6.9 Effect of Shear Stress Ratio on Shear Stress on a Crack 
 
values for f1, f2, θ, ρv, and fs.  Inputting these values into equation 6-10 with a given value of Δθ 
then provided the total shear demand on a crack as a function of Δθ.  The affect of changing the 
shear stress ratio and strain at mid-depth were then investigated.  
Figure 6.9 presents the influence of shear stress ratio on shear demand along a crack as a 
function of Δθ. In this evaluation, the shear stress ratio was varied from 0.055 and 0.25 while the 
strain at mid-depth and the concrete strength were held constant at 0 and 10 ksi respectively.  
This plot clearly shows that the effect that Δθ has on shear stress on a crack is much more 
pronounced for higher shear stress design ratios as would be expected.  For a design shear stress 
ratio of 0.25, a 2 degree difference between the LRFD tabulated angle of diagonal compression 
and the observed cracking angle causes a 73% increase in shear demand on a crack.    
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Figure 6.10 Effect of εx on Shear Stress on a Crack 
 
Figure 6.10 presents the influence of longitudinal strain at mid-depth on shear demand 
along a crack as a function of Δθ. The strain at mid-depth was varied between -2x10-4 and 1x10-3 
while the design shear stress ratio and concrete strength were held constant at 0.15 and 10 ksi 
respectively.  A 2 degree difference in the angles resulted in approximately a 40% increase in the 
shear demand on the crack for all levels of strain at mid-depth.   
Therefore, while the shear-friction test results illustrated that the expression for the ISTR 
used in the MCFT of vci may be conservative, the LRFD shear design specifications may 
underestimate the demand on the crack. Consequently, the safety of the LRFD specifications 
depends on the measured deviation of crack angles to the tabulated angles of diagonal 
compression given in the LRFD specifications. 
 
6.6 Summary and Conclusions 
 Based on the results of the shear-friction experiments on HSC, the calculated ISTR by 
ACI 318-05 were conservative for all of the experiments in which shear failures were observed. 
The calculated ISTR by the LRFD specifications were conservative in 11 of 16 experiments that 
failed in shear; for the worst case the measured shear strength was 18% less than the calculated 
LRFD ISTR. All of the experimental ISTR exceeded the resistance calculated by vci as used in 
the MCFT and in the derivation of the LRFD beam shear provisions for crack widths greater than 
1 mm. 
 The LRFD calculated angle of principal compressive stress was typically flatter than the 
angle of observed shear cracking.  A parametric study was carried out to investigate the effect of 
the difference in these angles on interface shear demand and the factors that influence this effect.  
It was observed that the increase in shear demand is most pronounced for high design shear 
stress ratios in which the shear demand could increase by a factor of 2 for a difference in angle of 
3 degrees.   
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Chapter 7 
SHEAR COMPRESSION FAILURES 
  
 As presented in Chapter 5, many of the observed girder failures were precipitated by 
explosive crushing and shearing at the base of the web just above the bottom bulb. This zone of 
crushing and shearing extended from the end of the beam to a distance of up to several beam 
depths towards midspan.  Chapter 7 begins with an examination of failures observed in previous 
experiments and the identification of factors that appeared to influence the type of observed 
failures.  A method is then presented for determining when shear compression failures can be 
expected; this was developed by the author and is based on the measured and predicted behavior 
of the NCHRP 12-56 test girders as well as the test data from other research projects.  An 
evaluation is then made of the predictive capability of the developed model.  Chapter 7 
concludes with an evaluation of the upper bound for the sectional shear stress design limit.  
 
7.1 Review of Previous Failures 
 Compression shear failures of the type observed in the NCHRP 12-56 testing program 
were not reported in the reviewed literature as presented in Chapter 3. In this section, the type of 
experiments and failures observed by Ma and Tadros [7-1, 7-2], Bruce, Russell, and Roller [7-3, 
7-4], and Shahawy and Batchelor [7-5] are reviewed.  Several key differences exist between the 
tests that were completed for NCHRP 12-56 and tests that were completed by the 
aforementioned researchers.  Key elements of the NCHRP 12-56 testing program are presented 
and compared to the key elements of the work of others. 
 
7.1.1 Loading  
 The bridge girders tested for NCHRP 12-56 were subjected to uniformly distributed 
loading applied by a series of 44 hydraulic cylinders over the central 44 feet of a 50 foot span.  
Most other previously reported work on full size prestressed concrete members have utilized 
concentrated loads that were applied at relatively short shear span-to-depth ratios in order to 
generate shear failures prior to flexural failures.  The proximity of the load application point to 
the support significantly influences the amount of shear a member is able to resist as the direct 
compressive strut that forms between load and support can support a large portion of the shear 
force while placing relatively little demand on the transverse reinforcement. In addition, it can be 
shown from elastic analyses that loading via a point load would not produce the level of 
combined high shear and compression at the base of the web that can be expected in the field and 
that can lead to the types of failures observed in the NCHRP 12-56 testing program.   
 Ma, Tadros, and Baishya completed four shear tests on NU1100 I-girders with an overall 
height of 51 inches including a 7.5-inch thick concrete composite deck.  Members were simply 
supported on a span that varied between 61 and 76 feet and the loading was applied using 3 
hydraulic cylinders located at distances of 4.5, 8.5 and 12.5 feet from the midpoint of the 
support. 
  Bruce, Russell, and Roller carried out 6 shear tests on 73-inch bulb-tee bridge girders that 
were topped with an 8-inch thick concrete composite deck.  The members were simply supported 
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on a span that ranged from 43 to 46 feet.  Load was applied using three pairs of hydraulic 
cylinders located 10, 13 and 16 feet from the midpoint of the support. 
 Shahawy and Batchelor performed tests on 33 AASHTO type II girders that had an 
overall height of 44 inches that included an 8 inch concrete composite deck.  Two tests were 
performed on each girder; the span for the first test was 40 feet while the span length for the 
second test varied according to the level of damage that was sustained during the first test.  The 
tests were completed by applying load with a single hydraulic actuator near the support with 
shear span-to-depth ratios that ranged from 1.3 to 4.8.      
 
7.1.2 Web Dimensions 
 The NCHRP 12-56 tests were carried out on full-scale 63-inch bulb-tee girders.  Bulb-tee 
girders have larger web depths than AASHTO type girders.  It is hypothesized that the aspect 
ratio of the web (width-to-depth) impacts the flow of forces near the support and may influence 
the failure mode.  The web width-to-depth ratios for all of the aforementioned girder types are 
presented in Table 7.1.  Values range from 0.111 to 0.4 and well represent the range of values of 
most precast bridge girders used in the field. 
 
Table 7.1 Web Width-to-Depth Ratios 
Girder Type Web Depth(inches) 
Web Width
(inches) 
Width  
Depth 
BT 63 45 6 0.133 
BT 72 54 6 0.111 
AASHTO type II 15 6 0.4 
NU1100 15.2 5.9 0.388 
 
7.1.3 Level of Prestressing  
 The level of prestressing applied to the NCHRP 12-56 girders was significantly higher 
than what was applied to girders in the other experimental programs.  The NCHRP 12-56 girders 
were over designed in flexure by a factor of between 1.1 and 1.4 and intended to fail in shear 
under a uniformly distributed load.  The application of shear through a point load located near 
the support as used in generating the shear failures in most other experimental programs reduced 
the need for increasing the flexural resistance.  Table 7.2 shows the maximum area of 
prestressing steel that was placed in the bottom bulb of a girder for each of the 4 testing 
programs.  All stands were stressed to a level of 0.75 fpu for fabrication; actual values of fpe are 
not listed because they were not reported for all members. 
 
Table 7.2 Maximum Area of Prestressing Steel 
Research Program # of Strands
Strand Diameter
(inches) 
Total Area 
(in2) 
NCHRP 12-56 44 0.6 9.55 
Ma, Tadros, and Baishya 38 0.5 5.81 
Bruce, Russell, and Roller 24 0.6 5.21 
Shahawy and Batchelor 16 0.5 2.45 
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7.1.4 Concrete Strength 
 The NCHRP 12-56 tests were completed to examine the shear behavior of members cast 
with high-strength concrete.  The members were also designed to take advantage of the higher 
shear stress ratios permitted in the LRFD provisions.  The combination of these two effects 
resulted in test beams that needed to be designed to support very high shear design stress levels. 
Table 7.3 shows the range of maximum compressive strength of concrete used in the all four 
experimental programs. 
 
Table 7.3 Maximum Concrete Compressive Strength 
Research Program 
Maximum Concrete 
Compressive Strength 
(ksi) 
NCHRP 12-56 17.8 
Ma, Tadros, and Baishya 10.8 
Bruce and Russell 12.7 
Shahawy and Batchelor 7.2 
 
7.2 Criteria for Resistance to Shear Compression Failures 
 Crack patterns observed in the end regions of the girders cross the interface between the 
web and the bulb at the support in a manner that is similar to observed crack patterns for shear 
transfer behavior in initially uncracked concrete with reinforcement placed normal to the shear 
plane.  Figure 7.1 shows the crack pattern for the East end of girder 9 which is representative of 
the crack pattern observed in the NCHRP 12-56 girders. The conditions that exist in the end 
region of a beam at the web-to-bulb interface are similar to those for a corbel where the M/Vd 
 
 
Figure 7.1 Web-Bulb Interface Cracking – Girder 9 East  
 
ratio varies between one half and unity.  For such cases, tests have shown that interface shear 
strength is unaffected by any simultaneously acting moment.  It is therefore hypothesized that the 
limiting shear strength of the web-to-bulb interface can be determined using the concept of shear 
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friction.  To explore this approach, the interface region is divided into two parts.  The first part of 
the interface is that subjected to significant compression from the compressive strut that funnels 
load into the support.  The second part is the length of the interface region that extends from just 
inside the support to the position where flexural cracking passes through the bottom flange and 
into the web. There is not compressive stress assumed to act across this second part of the 
interface. 
 Work published by Mattock and Hawkins [7-6] in 1972 developed a method for 
determining the effects of concrete strength, shear plane characteristics, reinforcement, and direct 
stress on the interface transfer strength of uncracked reinforced concrete.  This method was used 
to predict the behavior of shear friction test specimens and found to be in good agreement with 
the measured behavior.  A theory for evaluating the limit of the interface transfer strength, as it 
relates to the web-flange interface of a girder, is developed here following the methodology 
proposed by Mattock and Hawkins.  The theory will be compared to the experimental results 
from the NCHRP 12-56 tests as well as results from the other studies that were described in the 
previous section and in Chapter 3.  This work is completed in an effort to gain an understanding 
of the shear compression failure mechanism that was evident in the NCHRP 12-56 tests and the 
variables that affect it.  The remainder of Section 7.2 presents a synthesis of theoretical and 
experimental work completed by other researchers that provides a starting point for the shear 
compression failure evaluation that is presented in Section 7.3.   
       
7.2.1 Development of Capacity Predictions 
As previously shown in Figure 7.1 the cracks crossing the web-bulb interface are similar 
to the cracks observed in shear transfer tests of initially uncracked concrete.  Figure 7.2(a) shows  
 
 
 
Figure 7.2 Shear Transfer in Initially Uncracked Concrete  
(adapted from Figure 7 of Reference 7-6) 
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a shear plane crossed by diagonal compressive struts formed by diagonal cracks.  The applied 
load, V, on the interface is resisted by truss action so that there is compression, C, and transverse 
shear, V’, in the struts.  The equilibrium of forces acting on the interface is shown in Figure 
7.2(b).  If the values for V, N, and T remain constant and the crack angle α is increased, then the 
shear in the strut increases and the compression in the strut decreases.  For a given applied shear 
of V, the strength of the interface is limited by the strength of the strut in combined compression 
and shear.  The effect of any external clamping force N is additive to the effect of the shear 
friction reinforcement force, T, that crosses the shear plane.  The shear friction reinforcement 
generally yields prior to reaching the capacity of the struts.  However, in cases when the external 
clamping force, N, is large enough the struts can crush before the shear friction reinforcement 
yields.  The external clamping force resulting from the support reaction in the end region of a 
girder can be significant and increases the possibility of a brittle failure due to crushing of the 
diagonal struts. 
 To understand the failure mechanism, it is necessary to consider an element of concrete 
in the interface in the center of a strut.  Figure 7.2(c) depicts such an element.  Two sets of 
coordinate axes are displayed in Figure 7.2(c), the first has coordinates normal and parallel to the 
shear plane in Figure 7.2(a) which are designated x and y respectively, while coordinates that are 
normal and parallel to the angle of cracking are designated as x’ and y’ respectively.  In the x’-y’ 
coordinate system the element is subjected to stresses τx’y’, σx’, and σy’.  As failure approaches, 
the width of the diagonal cracks increases and the assumption is made that σx’ can be taken as 
zero.   Values of τx’y’ and σy’ that correspond to failure can be derived from a failure envelope for 
concrete subjected to a biaxial state of stress. 
   
7.2.2 Concrete Failure Theories 
 Work published by Zia [7-7] in 1961 presents several different failure theories for plain 
concrete subjected to a biaxial state of stress.  All of the proposed failure envelopes are presented 
graphically in Figure 7.3 in terms of Mohr’s circle of stress.  Two circles are drawn to define 
each failure envelope.  The first, labeled 1, corresponds to an element subjected to pure shear, 
and the other, labeled 2, corresponds to an element subjected to uniaxial compression.    
The internal friction theory was proposed by Coulomb and assumed that the failure of a 
material was precipitated by slip along a certain plane within the material.  In Coulomb’s theory 
the resistance to slip is comprised of a constant shearing component, similar to cohesion, and an 
internal friction component which is proportional to the normal stress on the slip plane.  
Coulomb hypothesized that failure would occur when the shearing stress overcame the  
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Figure 7.3 Concrete Failure Theories 
 
combination of the two components of resistance.  Figure 7.3(a) presents a graphical 
representation of the failure envelope corresponding to Coulomb’s theory which is represented 
by a straight dashed line drawn tangent to circles 1 and 2.   
Cowan suggested that a combination of maximum stress theory and internal friction 
theory defined a failure envelope for concrete subjected to a biaxial state of stress.  This was 
based on his observation of two distinct failure modes of concrete, cleavage and shear-fracture.  
Figure 7.3(b) provides a graphical representation of Cowan’s theory with two straight dashed 
lines.  The first is a vertical line, tangent to circle 1, that corresponds to the principal tensile 
stress associated with an element subject to pure shear and the second is a line oriented at a 37 
degree angle from the horizontal axis and tangent to circle 2.  The 37 degree angle used by 
Cowan is assumed to be the angle of internal friction for plain concrete.  
Mohr later generalized the internal friction theory and assumed that the resistance to 
shear on the slip plane was a function of the normal stress acting on the plane.  The resulting 
failure envelope was represented as a curve, the exact shape of which is determined by material 
testing.  Subjecting material test specimens to various combinations of uniform states of biaxial 
stress and drawing a series of Mohr’s circles representing stresses at ultimate load allows for a 
failure envelope to be constructed tangent to the series of Mohr’s circles.  The dashed line in 
Figure 7.3(c) is a graphical representation of the failure envelope proposed by Mohr. 
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  Zia went on to make the observation that the failure envelope proposed by Cowan was 
essentially an approximation of the envelope proposed by Mohr.  The primary difference 
between the theories proposed by Mohr and Cowan was related to failure mode.  Cowan 
suggested that the failure mode of concrete transitioned abruptly from a cleavage type to a shear-
fracture type while Mohr’s theory suggested a gradual transition between the two types of 
failure.  Based on this observation, Zia proposed the Modified Cowan Theory which more 
closely approximated Mohr’s theory.  Figure 7.3(d) presents a graphical representation of the 
Modified Cowen Theory.  Comparing Figures 7.3 (b) and (d) shows the change that was 
suggested by Zia which was simply moving the intersection of the two lines.  The line tangent to 
circle 1 intersects the 37 degree line tangent to circle 2 at the tau axis.     
 Hofbeck, Ibrahim, and Mattock [7-8] expanded on the work presented by Zia and 
proposed using different values to define the Mohr’s circles that are the basis of the failure 
criteria.  Figures 7.4(a) and (b) display failure envelopes based on the methods proposed by Zia 
and Mohr respectively.  Circle 1 represents the behavior of concrete subjected to uniaxial tension  
 
 
Figure 7.4 Concrete Failure Theories  
 
and the value ft is taken to be '6 cf .  The uniaxial behavior of concrete subjected to uniaxial 
compression is depicted by circle 2; a value of '85.0 cf is taken as the ultimate compressive 
strength.  The value of the compressive strength from a cylinder test is reduced by a factor of 
0.85 to reflect the reduction in compressive capacity of a thin element of concrete compared to 
that of a cylinder.    
 Based on a review of the previously presented failure envelopes, Mohr’s method will be 
implemented for predicting the shear transfer strength of uncracked concrete.  Mohr’s method is 
selected because it can be easily calibrated using information from biaxial tests on concrete and 
also provides a continuous failure envelope that is applicable for members subjected to biaxial 
compression. 
 
7.2.3 Response of Plain Concrete Subjected to a State of Biaxial Stress 
A review of relevant experimental programs focusing on plain concrete subjected to 
biaxial states of stress is presented in order to calibrate Mohr’s failure criteria for use with high-
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strength concrete.   In 1969, Kupfer, Hilsdorf, and Rusch [7-9] provided the first reliable 
experimental results documenting the behavior of plain concrete subjected to a uniform state of 
biaxial stress.  They also pioneered the use of brush like bearing platens that allow a uniform 
state of stress to be applied to test specimen without providing restraint in the transverse 
direction at the interface between the platen and the specimen.  Previous research has reported 
failure loads varying from 80 to 350 percent of the uniaxial compressive strength for a plain 
concrete element subjected to equal compression in two principal directions.  This large 
deviation in the measured response has been attributed to boundary conditions at the interface 
between the loading platens and the specimen.  
Kupfer et al. reported an average applied stress at failure for concrete subjected to equal 
compression in both directions that was 16 percent over the uniaxial compressive strength of the 
concrete.  On average, peak failure stresses of 27 percent over the uniaxial compressive strength 
were reported for specimens where the ratio of applied compressive stress for the two principal 
directions was 0.5.  The concrete strengths of the test specimens in this experimental program 
ranged between 2700 and 8350 psi.   
Work by Hussein and Marzouk [7-10, 7-11] sought to extend the investigation completed 
by Kupfer, Hilsdorf, and Rusch to high-strength concrete.  Previous examinations of the behavior 
of high-strength concrete subjected to biaxial states of stress had been limited to biaxial 
compression.  The study completed by Hussein and Marzouk covered the whole range of biaxial 
loading including tension-tension, compression-tension, and compression-compression response.  
Brush like platens, patterned after the ones utilized by Kufper et al., were used to apply a 
uniform state of biaxial stress to the test specimens.  In addition to testing normal strength 
concrete (NSC), two high strength concrete mix designs (HSC and UHSC respectively) were 
used for the experimental program; the compressive cylinder strength of the normal strength mix 
was 6.4 ksi.  Strengths for the high-strength concrete mixes were 11 and 14.5 ksi corresponding 
to the HSC and UHSC (ultra high-strength concrete) mixes respectively.  All cylinder 
compressive strengths were measured 91 days after casting.   
Many of the observations regarding the behavior of plain concrete subjected to a biaxial 
stress state made by Hussein and Marzouk are similar to those made by Kupfer, Hilsdorf, and 
Rusch.  Hussein and Marzouk noted that the maximum strength increase for concrete subjected 
to biaxial compression at a stress ratio of 0.5.  Strength increases of 31, 32, and 35 percent over 
the uniaxial compressive strength were observed for the NSC, HSC, and UHSC respectively.  
For plain concrete subjected to equal biaxial compressive stress the strength increases over the 
uniaxial compressive strengths were 19, 14, and 9 percent for the NSC, HSC, and UHSC 
respectively.  Hussein and Marzouk also noted that a significant difference exists between the 
behavior of HSC and NSC when they are subjected to tension in one direction and compression 
in the other.  Introducing a small amount of tension into HSC was observed to produce a greater 
decrease in compressive strength than a corresponding amount of tension applied to NSC.  
 
7.2.4 Development of a Failure Envelope for Uncracked Concrete 
 Several steps are required to develop a failure criterion that captures the shear transfer 
behavior of initially uncracked concrete as depicted in Figure 7.2(a).  The first step is to select a 
suitable model that accurately describes the biaxial response of the concrete used in the 
experimental program.  Next, it is necessary to relate the expression for biaxial response to a 
failure envelope that describes the state of stress on an element located in the shear plane 
depicted in Figure 7.2(c).  After this is accomplished, Mohr’s circle can be used to transform the 
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values of τx’y’ and σy’ that correspond to failure into the coordinate system that is coincident with 
the shear plane.  Finally, the proposed failure criteria can be compared to experimental results 
from shear transfer tests carried out on initially uncracked concrete to evaluate its accuracy. 
A relationship describing the biaxial response of plain concrete was developed by Kupfer 
and Gerstle [7-12] and was based on the work completed by Kupfer et al. presented in the 
previous section.  Darwin and Pecknold [7-13] also expanded on the work of Kupfer and Gerstle 
to develop a nonlinear biaxial constitutive relationship for concrete.  Three equations that were 
developed by Kupfer and Gerstle were presented by Darwin and Pecknold as shown below   
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Equations 7-1 through 7-3 correspond to the behavior associated with the following 
combinations of applied stresses: compression-compression, tension-compression, and tension-
tension.  Values of ftu and fcu correspond to uniaxial tensile and compressive strengths for an 
element identical to the element subjected to biaxial loading.  If experimental measurements for 
ftu and fcu are not available ftu can be taken as '6 cf and fcu can be taken as
'85.0 cf  where
'
cf  is the 
compressive cylinder strength of the concrete in psi.   
 Experimental results from the work completed by Hussein and Marzouk are compared to 
the relationships suggested by Kupfer and Gerstle to determine if they are applicable to high-
strength concrete.  The ability of the tension-compression relationship to predict the 
experimental behavior is most critical because the assumption that σx’ can be taken as zero at 
failure ensures that σ1 must be in tension and σ2 must be in compression at failure.  Table 7.4  
 
Table 7.4 Uniaxial Tensile and Compressive Strengths 
Concrete Mix ftu (psi)
fcu  
(psi) 
HSC 602 10,679
UHSC 699 13,998
 
presents the measured values of ftu and fcu that were reported for the high strength and ultra high 
strength concrete mixes that were tested by Hussein and Marzouk.  The values from Table 7.4 
are substituted into equations 7-1 and 7-2 to predict the biaxial response for each concrete mix.  
The points in Figure 7.5(a) and (b) represent the experimental results, for HSC and UHSC 
respectively, obtained by Hussein and Marzouk to the predicted tension-compression and 
compression-compression response (shown as a line) proposed by Kupfer and Gerstle.  The 
agreement between the predicted and experimental results is favorable especially in the area of 
interest where the value of σ1 is small.   
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Figure 7.5 Experimental Results for Biaxial Response Compared to Predicted Behavior   
 
Next, Mohr’s failure envelope is produced from principal stress values, obtained from the 
biaxial response expressions, which correspond to failure.  Figure 7.6 demonstrates how Mohr’s 
failure envelope and values of σy’ and τx’y’ that correspond to failure can be constructed 
geometrically.  The assumption that σx’, as defined in Figure 7.2(c), can be taken as zero at  
 
 
Figure 7.6 Construction of Mohr’s Failure Envelope 
 
failure is essential when determining the values of σy’ and τx’y’ at ultimate load.  A Mohr’s circle 
of stress that is tangent to Mohr’s failure envelope and has a value for σ1 that is in tension will 
provide values of σy’ and τx’y’ that correspond to failure.  The intersection of the selected Mohr’s 
circle of stress and the τ axis defines a value of τx’y’ when σx’ is equal to zero; the point that is 
diametrically opposite on the selected circle indicates the point (σy’, τx’y’) that corresponds to 
failure of the concrete.  Figure 7.6 displays several values of σy’ and τx’y’ that form a failure 
envelope that was constructed geometrically.  Values of σy’ and τx’y’ that correspond to failure 
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can also be obtained using equations derived using Mohr’s Circle and are presented here as 
equations 7-4 and 7-5:   
 
21' σσσ +=y            (7-4) 
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 Expressions relating σx’, σy’, and τx’y’ to σx, σy, and τxy can be derived using Mohr’s Circle 
and are presented here as equations 7-6 through 7-8:   
 
ατασσ 2sinsin ''2' yxyx +=          (7-6) 
ατασσ 2sinsin ''2' yxyy −=          (7-7) 
ατααστ 2coscossin ''' yxyxy += .        (7-8) 
 
The values of σx, σy, and τxy are aligned with the shear plane defined in Figure 7.2(a) and related 
to the values of σx’, σy’, and τx’y’ by the angle α which represents the angle between the axis of 
diagonal cracking and the shear plane. 
 The normal stress acting on the idealized shear plane, shown in Figure 7.2(a), results 
from a combination of the shear friction reinforcement yielding and the effect of any externally 
applied compressive stress and is shown here:  
 
nysfn
yvf
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The shear stress required for failure of a strut, vu, is given by: 
 
xyu Kbd
Vv τ== .          (7-10) 
 
In equation 7-10, K is a coefficient that depends on the distribution of shear stress across the 
strut.  The value of τxy corresponds to the shear stress at the center of the strut.  The coefficient, 
K, is 1.0 for a uniform distribution of shear stress and 0.67 for a parabolic distribution.  Mattock 
and Hawkins [7-6] proposed that a value of 0.84 for K and an angle of 45 degrees for α are 
appropriate for shear transfer tests of initially uncracked concrete.  Combining equation 7-6 with 
7-9 provides an expression for the total clamping stress (ρsffy+σn) while combining equation 7-8 
with 7-10 yields an expression for the ultimate shear stress (vu).  Mattock and Hawkins also 
recommended that for design purposes vu could be expressed as: 
 ( ) '33.08.0400 cysfnu ffv ≤++= ρσ .  (in psi)      (7-11) 
Figure 7.7 is a plot of vu vs. ρsffy+σn relationships normalized for concrete strength.  It includes 2 
curves that are based on the expressions that are developed here and as well equation 7-11. 
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Figure 7.7 Normalized Expressions for Shear Stress vs. Clamping Stress 
  
In an effort to assess the accuracy of the prediction method, it is now compared to experimental 
results for shear transfer experiments that were carried out on initially uncracked concrete.  The 
experimental programs from which the data was gathered for the comparison are described 
briefly here.  Hoffbeck, Ibrahim, and Mattock [7-8] completed 12 shear transfer tests on initially 
uncracked members with concrete strengths that ranged from 3800 to 4500 psi.  The design for 
the shear friction specimens, commonly referred to as a push-off specimen, proposed by 
Hoffbeck and his fellow researchers was also utilized by the other experimental programs 
described here.   Mattock and Hawkins [7-6] reported results from six shear friction with 
concrete strengths that varied between 4000 and 6500 psi.  The experiments were completed on 
modified push-off test specimens.  The modified push-off specimens had an inclined shear plane 
that caused a compressive normal force in addition to the shear force along the proposed shear 
plane.  Data for shear transfer tests on high-strength concrete was published by Kahn and 
Mitchell [7-14].  Their work was completed on push-off specimens similar to the ones used by 
Hoffbeck and featured concrete strengths between 6800 and 18,000 psi.  Figure 7.8 shows all of 
the experimental results compared to the normalized failure envelope that is calculated using an 
angle, α, of 45 degrees and a value of K equal to 0.84 and an envelope based on equation 7-11. 
The agreement between the experimental results and the predicted behavior is favorable and 
provides a suitable framework to evaluate the conditions in the end regions of prestressed 
concrete bridge girders.  
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Figure 7.8 Comparison of Predicted (lines) and Experimental Behavior (points) for Initially 
Uncracked Shear Transfer Specimens 
 
 
7.3 Application to Girder End Regions 
 A rational method that predicts when a girder design is susceptible to an extensive shear-
compression failure in the end region is presented in this section.  This evaluation procedure 
provides a means of accessing the applicability of code-based permissible shear stress design 
limits to girder end regions.  The procedure can be divided into three steps.  First it is necessary 
to evaluate the state of stress in the end region.  Next, the horizontal shear demand in the end 
region is compared to the available tension capacity provided by the longitudinal reinforcement.  
Finally, an evaluation of the additional horizontal shear capacity that is required to exceed the 
capacity of the longitudinal tension reinforcement and precipitate a shear compression failure is 
completed.   
 
7.3.1 Stresses at the Support 
 It is necessary to evaluate the combination of normal and shear stresses experienced at 
the web-flange interface directly over the support.  Assumptions must be made to predict how 
the forces in the end region flow into the support.  Figure 7.9 is a schematic of the end region for 
an arbitrary bridge girder and is used as a reference for the development of equations that 
describes the state of stress at the web-flange interface over the support.  It is assumed that the 
reaction force, R, at the support is equilibrated by a component of the compressive force in the 
strut, C, flowing into the support.  The other component of this compressive force generates a 
shear force, V, which must be balanced by the force in the longitudinal tensile reinforcement at 
the support, T.  The demand and capacity on the longitudinal tensile reinforcement will be 
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Figure 7.9 Girder End Region Geometry 
 
addressed in the next section.  The angle, α, in Figure 7.9 corresponds to the orientation of the 
principal compressive strain originating from the support.   Additionally, it is necessary to make 
assumptions about the geometry of the strut that funnels force into the support.  An expression 
for the length of the strut along a line parallel to the longitudinal direction of the girder at the 
web-flange interface over the support is provided here: 
 
αcotfbe dlls ++=             (7-12) 
where: le = extension of the girder beyond the bearing pad 
 lb = length of the bearing plate in the longitudinal direction of the girder 
 df  = depth of the flange or bulb from its intersection with the thinnest part of the web 
 α = angle of principal compressive stress (taken as 40 degrees for NCHRP 12-56 tests).  
 
 A small amount of the reaction force is transferred to the support by shear in the lower 
flange of the girder.  This amount is ignored and it is assumed that the entire reaction force is 
transmitted to the support in direct compression along the length s.  Hence, the normal stress 
caused by the support reaction on the web-flange interface is determined as follows: 
 
st
R
w
n =σ .           (7-13) 
 
The width of the web is defined as tw in equation 7-13.  It is not necessary to include a ρsffy term 
in the normal stress because experimental and analytical evidence suggests that reinforcing bars 
crossing the web-flange interface at the support are in compression at failure.  The horizontal 
shear stress acting along the web-flange interface, vwfi, is calculated as follows: 
 
st
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w
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αcot= .          (7-14) 
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In order to determine the most likely failure mode, values for σn and vwfi are calculated 
for a girder end and normalized by the compressive cylinder strength of the concrete.  These 
values are then plotted against a normalized failure envelope similar to the one developed in 
section 7.2.4 with the exception that α = 40 degrees.  Figure 7.10 presents a plot of the 
normalized shear strength versus the normalized compressive stress for the girders that were 
tested for NCHRP 12-56. 
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Figure 7.10 Plot of Normalized Values of vwfi vs. σn for NCHRP 12-56 Girders 
 
The angle of principal compressive stress, α, was taken to as 40 degrees for all of the 
NCHRP 12-56 girders and was based on experimental results from the Krypton data and Vector2 
analysis results. Points from Girders 4, 7, and 8 are excluded because either the loading was 
stopped prior to failure or the end region was altered significantly.  The NCHRP 12-56 test data 
is used as an example for the development of the method which will be applied to girders tested 
by other researchers later in this chapter.   
The relationship between the normalized values of σn and vwfi is linear as shown in Figure 
7.10.  Girder ends with relatively low applied shear stress levels are located inside of the failure 
envelope are not susceptible to an extensive shear compression failure.  From this set of test data 
it is determined that both ends of Girder 5 are unlikely to experience an extensive shear 
compression failure.  This observation is consistent with the observed failure mode presented in 
Figure 5.1.   
If the normalized value of vwfi is in excess of 0.30 or outside of the failure envelope a 
shear compression failure is a possible mode of failure.  Using a value of 0.30 is somewhat 
conservative but is considered appropriate since there is some uncertainty associated with the 
applicability of the NCHRP 12-56 test results to other design situations.  This is because the 
calculated value of stress is quite susceptible to variations in the angle of principal compressive 
stress, α, or in the assumed geometry of the strut. A two degree change in the angle α can change 
the calculated shear stress by 8%.  Given this information, both ends of Girders 1, 3, and 6 as 
well as the East end of Girder 2 will be evaluated further to assess the likelihood of a shear 
compression failure.  In the case of both ends of Girders 9 and 10 as well as the West end of 
Girder 2, the normalized web-flange interface shear stress is excessive.  These members are 
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expected to experience extensive shear compression failures.  Determining the limiting capacity 
for these cases is discussed in a subsequent section of this chapter.  
A limiting ratio for horizontal shear stress of 0.30 can be compared to the 0.25 f’c limit 
imposed on shear stress design at the first critical section by the LRFD code.  No code provisions 
currently exist to evaluate the horizontal shear stress that is developed at the web-flange 
interface.  This method provides a simple way to evaluate the horizontal shear stress along the 
web-flange interface at the support and can be used in addition to the current LRFD limit 
imposed on design shear stress.   
 
7.3.2 Demand on Longitudinal Tensile Reinforcement 
In order to determine if the end of a girder that has moderate normalized values of σn and 
vwfi is likely to have an extensive shear compression failure, the capacity of the longitudinal 
tensile reinforcement must first be evaluated to assess if the capacity of the girder will be limited 
by the capacity of the longitudinal tension reinforcement prior to supporting the stress levels 
needed to produce a shear compression failure.  Figure 7.11 shows a free-body diagram  
 
 
Figure 7.11 Free Body Diagram of Web-Flange Interface at the Support 
 
of the web-flange interface.  The shear stress transmitted from the web to the flange must be 
equilibrated by the longitudinal tensile reinforcement in the bottom flange.  If the demand placed 
on the longitudinal tensile reinforcement due to the horizontal shear stress exceeds its capacity a 
strand slip failure will occur.  When there is excess tensile capacity in the longitudinal 
reinforcement the likelihood of a shear compression failure increases.  The horizontal shear 
demand can be calculated with the following expression: 
αcotRVwfi = .           (7-15) 
The capacity of the longitudinal tensile reinforcement can be accessed with this equation: 
ystsepsf fAfAT +=           (7-16) 
where: Apsf = total area of fully bonded prestressing strands located in the bottom flange 
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Ast = total area of horizontal deformed bar reinforcement located in the bottom flange   
and anchored over the support  
 fse = effective prestress after allowance for all losses 
 fy = yield stress of horizontal deformed bar reinforcement Ast. 
 
If the member contains additional deformed bar reinforcement near the support it should only be 
included in the Ast term in the expression for T if flexural cracking is anticipated within the 
length of the bar.  
 Applying equations 7-15 and 7-16 to all girders that had a normalized web-flange 
interface shear stress value near 0.30 revealed that both ends of Girders 1, 3, and 6 as well as the  
 
Table 7.5 Horizontal Shear Demand and Longitudinal Tensile Capacity 
Girder R (kips) 
Apsf 
(in2) 
fse 
(ksi) 
T 
(kips) 
Vwfi 
(kips) 
T-Vwfi 
(kips) 
1E 572.7 6.944 159.7 1109.0 682.5 426.4 
1W 662 5.642 159.7 901.0 788.9 112.1 
2E 743.4 6.944 150.2 1043.0 885.9 157.0 
3E 785 7.812 154.9 1210.1 935.5 274.6 
3W 854 7.812 154.9 1210.1 1017.8 192.3 
6E 760.3 7.812 167.6 1309.3 906.1 403.2 
6W 612.7 5.642 167.6 945.6 730.2 215.4 
 
East end of Girder 2 all had excess tensile capacity and were susceptible to shear compression  
failures.  Table 7.5 provides the details of the calculations for these girders.  Further inspection 
of the failure modes for these girders, presented in Figure 5.1, reveals that they all exhibited 
significant crushing and horizontal slip along the web-flange interface.  This observation is not 
surprising since the NCHRP 12-56 girders were over reinforced in flexure by a factor varying 
between 1.1 and 1.4 to increase the chances of obtaining a successful shear failure.  Applying 
equations 7-15 and 7-16 to both ends of Girder 5 shows that it too has excess tensile capacity 
when compared to the horizontal shear demand but the web-flange interface was not near its 
capacity at failure so the shear compression failure was not expected.  Further investigation into 
the shear compression capacity of the members listed in Table 7.5 is presented in the next 
section.  
 
7.3.3 Additional Horizontal Shear Capacity 
In cases where the tensile capacity of the longitudinal reinforcement exceeds the demand 
placed on it by the horizontal shear force at the support, it is necessary to evaluate the shear 
capacity of the interface at the support as well as the shear capacity of the interface region that 
extends from the inside of the support to the point where flexural cracking passes through the 
bottom flange and into the web.  At this point the bottom flange is no longer considered to be 
intact and the tension force in the longitudinal reinforcing steel must be equilibrated by the 
horizontal shear force at the web-flange interface.  As flexural cracking progresses towards the 
support the shear stress that needs to be transmitted across the web-flange interface increases.  
The increase occurs because the length of the interface that can transmit the stress to the bottom 
flange decreases as the applied shear force increases. This continues until the combination of 
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compression and shear, as shown in Figure 7.2, in the struts that make up the diagonal 
compression field reach the limit state that was developed in Section 7.2.4.    
Figure 7.12 presents a free-body diagram of a girder extending form the support to the 
location of the first flexural crack that passes through the bottom flange and into the web.  It is 
necessary to consider two portions of the interface to evaluate its shear transfer capacity.  The  
 
 
Figure 7.12 Free Body Diagram of Web-Flange Interface to the First Flexural Crack 
 
first part, labeled part 1 in Figure 7.12, is associated with the horizontal shear stress that can be 
transmitted from the web to the flange directly over the support.  While the second region, shown 
as part 2 in Figure 7.12, represents the horizontal shear stress that can be transmitted from the 
web to the flange along a length that extends from the inside face of the strut flowing into the 
support to the first flexural crack that extends through the bottom flange into the web.   
 For horizontal equilibrium to be maintained the sum of the horizontal shear forces from 
parts 1 and 2 must equal the tension force in the prestressing stands located below the interface 
as shown here: 
⎟⎟⎠
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llsLtvstvT .       (7-17) 
Using this expression, derived from the free body diagram shown in Figure 7.12, the distance 
from the midpoint of the support to the location where flexural cracking passes from the bottom 
flange into the web, Lfc, can be determined based on the web-flange interface shear stress 
capacities of parts 1 and 2 and the tension force that develops in prestressing strands below the 
interface.  Solving expression 7-17 for Lfc yields the following expression: 
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sv
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TL −−+−= .        (7-18) 
 The tension force, T, represents the capacity of the longitudinal tensile reinforcement that 
is located below the web-flange interface.  This includes all prestressing strands that are fully 
bonded through the support as well as any additional deformed bar reinforcement that is fully 
anchored at the support and extends past the flexural crack that extends from the bottom flange 
111 
 
into the web at the distance Lfc.  The expression for T is similar to equation 7-16, with the 
exception that an enhanced value is use for the prestress stress, and is provided here:  
 
ystpspsf fAfAT += .          (7-19) 
where: Apsf = total area of fully bonded prestressing strands located below the web-flange 
interface 
Ast = total area of horizontal deformed bar reinforcement located in the bottom flange, 
anchored over the support, and extending past the location where flexural cracking 
extends through the flange and into the web, Lfc.  
 fps = value of prestress that exists at a crack; fps = fpe + 12 ksi  
 fy = yield stress of horizontal deformed bar reinforcement Ast. 
 
It is necessary to choose appropriate values of ρsf and σn to establish the shear stress, vwfi, 
that can be resisted by parts 1 and 2 from Figure 7.12.  Equation 7-11 can be modified to 
calculate the web-flange interface, vwfi, shear capacity for both parts.  For part 1, the ρsffy term is 
taken as zero because the experimental results indicate that the reinforcing steel crossing the 
interface is in compression and will thus does not contribute to the shear transfer resistance.  The 
expression for calculating the shear stress that can be resisted by part 1 is shown here: 
 
'
)1( 33.08.04.0 cnwfi fv ≤+= σ .  (in ksi)       (7-20) 
 
The geometry shown in Figure 7.9 and the free body diagram shown in Figure 7.11 describe the 
web-flange interface associated with part 1.  Equations 7-12 and 7-13 can be used to determine 
the normal stress, σn, on the web-flange interface near the support.   
When calculating the web-flange interface shear capacity for part 2, the σn term is taken 
to be zero since there is no additional normal stress.  Experimental measurements from strain 
gages indicate that the reinforcement crossing the web-flange interface in the part 2 region has 
yielded in tension.  The equation for determining the shear stress resistance for part 2 is given by: 
 
'
)2( 33.08.04.0 cysfwfi ffv ≤+= ρ .  (in ksi)       (7-21) 
 
7.3.4 Example Calculation for Girder 3E of NCHRP 12-56 Tests 
 This section presents an example calculation of the procedure described in the previous 
section.  The East end of Girder 3 experienced an interface shear compression failure at an 
applied load of 35.68 kips/ft which corresponds to support reaction of 785 kips.  There are 36 
0.6-inch diameter prestressing strands located in the bottom bulb of the girder with an applied 
prestress, fse, of 154.9 ksi.  The tensile capacity of the longitudinal tensile reinforcement located 
below the web-flange interface is calculated here using equation 7-19: 
kipsksiksiinT 8.1303)129.154(217.036 2 =+××= . 
 The shear stress that can be resisted by the web-flange interface associated with part 1 is 
dependent on the geometry in the end region and the magnitude of the support reaction.  
Equation 7-12 is used to determine the length of the interface intersected by the direct strut that 
funnels load into the support.  The angle α is taken as 40 degrees based on the observed angle of 
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principal compressive stress flowing into the support.  For the NCHRP 12-56 tests the geometry 
in the end region is as follows: le = 7.5 inches, lb = 9 inches, df = 10 inches, and tw = 6 inches, 
inininins 4.2840cot1095.7 =°++= . 
Using equation 7-13 provides the normal stress across the web-flange interface associated with 
part 1: 
 
ksi
inin
kips
n 6.464.28
785 =×=σ . 
 
Equation 7-20 provides the interface shear resistance stress associated with part 1: 
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 The shear stress that can be resisted by the web-flange interface associated with part 2 is 
calculated using equation 7-21 and based on the reinforcement ratio and the yield stress of the 
reinforcement that crosses the interface.  The shear reinforcement in the first design region of the 
East end of Girder 3 consists of double-legged #4 stirrups at a 8-inch spacing which had a yield 
stress of 67.8 ksi.  This corresponds to a reinforcement ratio, ρsffy, equal to 0.565 ksi.   
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 Application of equation 7-18 provides an estimate of the length from the support to 
flexural cracking, Lfc, required for a shear compression failure to occur: 
 
ftinininin
ksi
ksiin
ksiin
kipsL fc 3.114.1352
95.74.28
852.0
08.44.28
852.06
8.1303 ==−−+×−×= . 
 
This estimated value of 11.3 feet compares well with the observed distance from the midpoint of 
the support to the first flexural crack that passed through the bottom to the flange of 11.7 feet.   
The procedure describe here was completed in spreadsheet form for all of the 12-56 
girders.  Table 7.6 provides a summary of the predicted length to flexural cracking for the 
NCHRP 12-56 girders.  Both ends of Girder 5 were excluded because the work completed in 
section 7.3.1 indicated that an extensive shear compression failure was not expected or observed.  
The West end of Girder 7 and the East end of Girder 8 were not included because they had end 
diaphragms on the web and external strand anchorage to generate a failure away from the end 
region.  Finally, the West end of Girder 8 was excluded because of the presence of the shear slip 
plate in the web. The calculated length of flexural cracking shows good agreement with the 
observed lengths for the girders that exhibited the characteristics of a shear compression failure.   
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Table 7.6 Predicted vs. Actual Length to Flexural Cracking, Lfc 
Girder R (kips) 
f’c 
(ksi) 
σn 
(ksi) 
vwfi(1) 
(ksi) 
ρvfy 
(ksi) 
vwfi(2) 
(ksi) 
T 
(kips) 
Predicted 
Lfc (ft) 
Actual 
Lfc (ft) 
Actual –
Predicted
1E 572.7 12.1 3.36 3.09 0.389 0.711 1192.3 14.4 15.8 1.5 
1W 662.0 12.1 3.88 3.51 0.389 0.711 968.7 8.6 15.0 6.4 
2E 743.4 12.6 4.36 3.89 0.745 0.996 1126.3 7.8 9.2 1.3 
2W 852.1 12.6 5.00 4.16 0.745 0.996 1126.3 7.2 7.5 0.3 
3E 785.0 15.9 4.60 4.08 0.565 0.852 1303.8 11.3 11.7 0.4 
3W 854.0 15.9 5.01 4.41 0.565 0.852 1303.8 10.4 11.7 1.3 
4E* 940.1 16.3 5.51 4.81 1.113 1.290 1294.4 6.5 5.8 -0.7 
4W* 940.1 16.3 5.51 4.81 1.113 1.290 1294.4 6.5 7.5 1.0 
6E 760.3 12.7 4.46 3.97 0.557 0.846 1403.0 13.3 13.3 0.0 
6W 612.7 12.7 3.59 3.27 0.557 0.846 1013.3 8.8 25.0 16.2 
7E* 736.3 12.5 4.32 3.85 0.577 0.861 1398.3 13.3 16.7 3.3 
9E 721.6 9.6 4.23 3.17 1.040 1.232 1084.6 7.5 6.7 -0.8 
9W* 840.7 9.6 4.93 3.17 1.690 1.752 1007.1 5.1 7.5 2.4 
10E* 746.5 10.6 4.38 3.50 0.751 1.001 805.9 4.3 5.0 0.7 
10W 939.7 10.6 5.51 3.50 0.751 1.001 1047.7 7.6 4.6 -3.0 
 * Ultimate load was not reached – observed cracking measured at last load stage 
 
This comparison is not as favorable for the West ends of girders 1 and 6; both of which 
experienced strand slip prior to failure.  The extent of damage for the West ends of girders 1 and 
6 is significantly less than what was observed for other girders which experienced shear 
compression failures that were not influenced by a lack of capacity in the longitudinal tension 
reinforcement.  Observed strand slip indicates that the failures were related to insufficient 
longitudinal tension capacity and will be discussed in more detail in Chapter 8. 
 In the case of Girder 9E the proposed method indicates that a shear compression failure is 
likely.  A shear compression failure was observed and occurred prior to yielding of the transverse 
reinforcement.  Girder 9E was designed for a shear stress ratio of 0.21 which is within the LRFD 
limit.  The proposed method indicates that a problem exists with the design and provides an 
opportunity for the design to be reevaluated.    
 
7.4 Failures Observed by Other Researchers 
 Application of the proposed methodology to girder tests completed by other researchers 
is made in order to further access the ability of the method to evaluate the likelihood of shear 
compression failures.  Unfortunately, detailed test information is not available from these 
experimental programs and assumptions must be made to complete the evaluation.   
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7.4.1 Ma, Tadros, and Baishya – NU1100 Members  
Two failure modes were observed in the experimental work completed by Ma, Tadros, 
and Baishya.  The first failure mode was described as a web crushing failure which resembles the 
shear compression failures observed in the NCHRP 12-56 testing program; the second observed 
failure mode was referred to as a shear-bond failure.  Photographs of both failure modes are 
shown in Figure 7.13.  
 
  
(a) Web Crushing Failure               (b) Shear Bond Failure 
 
Figure 7.13 Failure Modes from Shear Tests on NU1100 Members  
(taken from Reference 7-1) 
 
In order to obtain the geometric details for calculating the web-flange interface shear 
stress ratio, assumptions needed to be made regarding the dimensions and angle of the strut 
funneling load into the support.  An angle of 43.3 degrees was assumed for the angle of the strut 
directly over the support.  This value is based on geometry and the location of the load 
application nearest to the support and assumes that a direct strut forms between the first load 
application point and the support.  The load closest to the support was applied 54 inches from the 
midpoint of the bearing pad while the overall height of the member was 51 inches.  A bearing 
plate that was 12 inches in length along the longitudinal direction of the girder was placed at the 
end of the girder.  The distance that the girder extends past the bearing pad is assumed to be zero 
based on photographic figures in reference 3-6.  End blocks were cast after the fabrication of the 
members to provide additional strand anchorage for the bent-up strands.  The distance that the 
end block extended past the bearing pad was not included in the determination of length of the 
strut along the web-flange interface because it was not cast integral with the member and it 
would not significantly contribute to the shear stress that could be resisted at the interface.  
 Following the procedure detailed in Section 7.3.1, the normal and shear stresses at the 
web-flange interface over the support are evaluated.  For the tests completed on the NU1100 
members the geometry in the end region can be described as follows: α = 43.3 degrees, le = 0 
inches, lb = 12 inches, df = 16.5 inches, and tw = 5.9 inches.  These values were used in 
conjunction with equations 7-12 through 7-13 to generate Table 7.7 and Figure 7.14.    
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Table 7.7 Summary of Shear Tests on NU1100 Members 
Specimen 
Designation 
Failure 
Mode 
R 
(kips)
Concrete
Strength 
(ksi) 
σn / f’c vwfi / f’c 
AR05908X web crush 629.5 8.1 0.45 0.47 
AVW14408X web crush 593.0 8.1 0.42 0.45 
BVW20408X web crush 589.8 10.8 0.31 0.33 
BOW20408X did not fail 820.3 10.8 0.44 0.46 
AVW14608Y shear-bond 459.9 8.1 0.33 0.35 
 
AR05908X
AVW14408X
BVW20408X
BOW20408X
AVW14608Y
0.00
0.10
0.20
0.30
0.40
0.50
0.00 0.05 0.10 0.15 0.20 0.25 0.30 0.35 0.40 0.45 0.50σn / f'c
v w
fi 
/ f
' c α=43.3º, K=0.84 Eq. 7-11
 
Figure 7.14 Plot of Normalized Values of vwfi and σn for NU1100 members 
 
Table 7.7 provides basic information detailing the failure modes of the members that were tested.  
Figure 7.14 is a plot of the normalized values of vwfi and σn for the members test by Ma, Tadros, 
and Baishya.  As expected, members with high normalized shear stresses at the web-flange 
interface failed due to shear-compression or web-crushing type failures.  Member BOW20408X 
exhibited a high normalized horizontal shear stress in the end region but was not taken to failure 
because the capacity of the test equipment was reached.  It should be noted that member 
BOW20408X had a grid of welded wire that provided reinforcement in the transverse and 
longitudinal directions.  As discussed previously, the failure mode of members with normalized 
horizontal shear stress ratios near 0.30 is dependent on the tensile capacity of the longitudinal 
reinforcement located below the web-flange interface.  Table 7.7 indicates that member 
AVW14608Y experienced a shear-bond failure while member BVW20408X failed due to web 
crushing.   
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It would be beneficial to follow the procedures detailed in Sections 7.3.2 and 7.3.3 to 
further investigate members AVW14608Y and BVW20408X but this is exceedingly difficult due 
to a lack of experimental information including the measured yield strength of the reinforcement 
and measured values for the level of prestress in the strands after losses.  Additionally, the 
external strand anchorage makes it difficult to assess the longitudinal tensile capacity for 
member BVW20408X and almost ensures that it will not fail due to a loss of longitudinal tension 
capacity.    
 
7.4.2 Bruce, Russell, and Roller – LTRC 72-inch Bulb-Tees 
 Results reported by Bruce, Russell, and Roller indicate that two types of failures were 
observed.  The first was described as a strand slip failure while the second type was related to 
distress at the web-bulb interface immediately in front of the support.  The interface failures are 
relatively localized and do not display a significant amount of concrete crushing as was observed 
in shear-compression failures on the NU1100 members or in the NCHRP 12-56 tests.  A 
photograph of the failure for specimen BT8-Dead is shown in Figure 7.15.   
 
 
Figure 7.15 Interface Failure from a Shear Test on Specimen BT8-Dead  
(taken from Reference 7-3) 
 
 Again, it was necessary to make assumptions about the geometry associated with the end 
conditions of the members.  The angle, α, was assumed to be 40 degrees since the geometry of 
the 72-inch bulb-tee, with the exception of overall height, is identical to that of the 63-inch bulb-
tee used in the 12-56 experiments.  Additionally, the first load point was located 120 inches from 
the midpoint of the support. At this distance only a portion of the load would be transmitted to 
the support via direct strut.  Exact dimensions of the conditions of at the support were not 
provided in the reports.  It was however indicated that the mid-point of the support was located 6 
inches from the end of the member.  The length of the bearing plate aligned with the longitudinal 
axis of the girder is assumed to be 12 inches for the purpose of accessing the stresses at the 
support.    
 Once again, and following the procedure detailed in Section 7.3.1, the normal and shear 
stresses at the web-flange interface over the support are calculated.  For the tests completed on 
the LTRC 72-inch bulb-tees, the geometry in the end region can be described as follows: α = 40 
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degrees, le = 0 inches, lb = 12 inches, df = 10 inches, and tw = 6 inches.  These values were used 
in conjunction with equations 7-12 through 7-13 to generate Table 7.8 and Figure 7.16.    
 
Table 7.8 Summary of Shear Tests on LTRC 72-inch Bulb-Tees 
Specimen 
Designation 
Failure 
Mode 
R 
(kips)
Concrete
Strength 
(ksi) 
σn / f’c vwfi / f’c 
BT6 live strand slip 592 11.8 0.35 0.42 
BT6 dead strand slip 557 11.6 0.33 0.40 
BT7 live did not fail 614 12.4 0.35 0.41 
BT7 dead interface failure 605 12.7 0.33 0.39 
BT8 live did not fail 599 11.9 0.35 0.42 
BT8 dead interface failure 564 11.3 0.35 0.41 
 
Table 7.8 provides a basic summary of the failure modes and support reactions of the members 
that were tested.  Figure 7.16 is a plot of the normalized values of vwfi and σn for the members 
test by Bruce, Russell, and Roller.  Normalized horizontal shear stress values ranged between 
0.39 and 0.42 for all six members that were tested and are well within the range where the 
predicted failure mode is based on the capacity of the longitudinal tensile reinforcement.   
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Figure 7.16 Plot of Normalized Values of vwfi and σn for LRTC 72-inch Bulb-Tees 
 
However, it is worth noting that the assumption of the bearing plate dimensions has a direct 
impact on the calculation of these values and if the bearing plate is larger than was assumed the 
stresses would decrease accordingly. 
 Equations 7-15 and 7-16 are applied to the LTRC members as described in Section 7.3.2.  
Table 7.9 presents the details of the calculations.  In all cases the horizontal shear demand 
exceeds the longitudinal tensile capacity of the reinforcement at the support.  This indicates that 
all of the LTRC members are expected to fail in a manner characterized by insufficient 
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Table 7.9 Horizontal Shear Demand and Longitudinal Tensile Capacity of LTRC Members 
Specimen 
Designation 
R 
(kips) 
Apsf 
(in2) 
fse 
(ksi) 
Ast 
(in2)
fy 
(ksi)
T 
(kips)
Vwfi 
(kips) 
T-Vwfi 
(kips) 
BT6 live 592 6.944 143.2 - - 559.5 705.5 -146.1 
BT6 dead 557 5.642 143.2 - - 559.5 663.8 -104.4 
BT7 live 614 6.944 142.4 1.76 65.5 671.4 731.7 -60.4 
BT7 dead 605 7.812 142.4 1.76 65.5 671.4 721.0 -49.6 
BT8 live 599 7.812 142.4 1.76 65.5 671.4 713.9 -42.5 
BT8 dead 564 7.812 142.4 1.76 65.5 671.4 672.1 -0.8 
 
longitudinal tensile capacity which is consistent with the reported failure modes observed in the 
experimental program.  BT7-Dead and BT8-Dead both displayed minor interface distress at 
failure but as mentioned before it was not as extensive as the shear compression interface failures 
displayed by the NU1100 members and the 12-56 tests.      
 
7.5 Summary and Conclusions 
 A method for predicting when shear compression failures are expected to occur has been 
developed and presented in this chapter.  Figure 7.17 presents a flowchart that details the method 
for evaluating shear compression failures.  This method was developed based on NCHRP 12-56 
test observations and takes advantage of other shear friction and biaxial stress test data and 
associated failure theories. It is easily implemented and provides good agreement with the 
observed failure modes from the three experimental programs that were evaluated.  The method 
provides an additional means to evaluate the maximum shear that can be safely carried by a 
member is now described.   
The horizontal shear stress at the web-flange interface is evaluated as a function of the 
applied loading and geometry of the end region.  If the member is calculated to have an interface 
shear stress ratio in excess of 0.30, then it is a candidate to have a shear compression failure. In 
order for this type of failure to occur, the member must not first fail due to insufficient capacity 
of the longitudinal tension reinforcement. If excess tension capacity exists, then it is possible to 
evaluate the distance from the support to the first flexural crack that passes through the bottom 
flange into the web that will precipitate a shear compression failure.  Limitations of the method 
are dependent on the information available about the members end region geometry and the 
value of α that is selected.  If exact values are not available it is possible to evaluate the interface 
based on a range of assumed values to determine if a shear compression failure may occur.   
The proposed method provides an alternative means to evaluate the maximum shear 
stress a member can resist and can serve as a check for the LRFD imposed shear stress design 
limit of 0.25f’c.    
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Figure 7.17 Flowchart Detailing Shear Compression Failure Analysis Method 
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Chapter 8 
LONGITUDINAL TENSILE REINFORCEMENT 
  
 As described in Chapter 2, shear forces in the end region of a beam place a demand on 
longitudinal tension reinforcement. If adequate tensile capacity is not provided then the member 
may fail prematurely.  The typical location for evaluating demand and capacity is along a line 
extending from the inside face of the support.  The demand on longitudinal tensile reinforcement 
is considered by researchers and codes of practice to be influenced by several factors including 
the angle of diagonal compression, angle of diagonal cracking, magnitude of sectional forces 
close to the support, the amount of provided shear reinforcement, strand anchorage conditions, 
other end reinforcement detailing, and support conditions.  The capacity of longitudinal tension 
reinforcement is influenced by end anchorage length, bond strength, bearing dimensions, end 
reaction force, level of passive confinement reinforcement, and other end conditions.  In cases 
where the prestressing strands do not provide sufficient longitudinal tension capacity, then it is 
common practice to provide additional deformed bar reinforcement.   
 The additional requirements for longitudinal tensile reinforcement that were recently 
imposed through the AASHTO LRFD Bridge Design Specifications [8-1] are a significant 
concern for owners and producers of prestressed members.  For owners, a critical issue is in 
capacity rating where it is found that a large portion of the bridge inventory built before the 
adoption of the LRFD Specifications do not satisfy the new code requirements.  For producers, 
the primary concern has been the addition of deformed bar reinforcement in a region that was 
already quite congested. This leads to additional fabrication effort and potential consolidation 
problems in end regions.  
 This chapter begins with a summary of current code provisions for evaluating the 
demands on and capacity of longitudinal tension reinforcement.  The experimental results from 
the NCHRP 12-56 testing program are then used to examine measured demands and capacities 
and these are used to evaluate code requirements for longitudinal tension reinforcement.  
    
8.1 Code Requirements for Longitudinal Tension Reinforcement at a Support 
 This section presents a brief overview of the current code provisions related to the 
development of prestressing strands and predicting the demand placed on the longitudinal 
tension reinforcement at the support.   
  
8.1.1 Code Provisions to Determine the Capacity of Longitudinal Tension Reinforcement 
  
 The Capacity of the longitudinal tension reinforcement is determined from the following 
expression: 
 
yspsps fAfAT += .          (8-1) 
  
 To assess the adequacy of longitudinal tension reinforcement, it is necessary to 
understand its development and to identify the appropriate location or locations as to where to 
compare demand and capacity.  The build up of force in a prestressing strand is idealized in 
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codes of practice and described using the terms transfer length and development length.  Transfer 
length is the distance required to develop the effective stress, fpe, in the prestressing steel and this 
is taken as 60 strand diameters in the AASHTO LRFD code.  The stress that the strand can resist 
is assumed to vary linearly from zero at the free end to the effective stress over the transfer 
length.  Development length is the distance required for the strand to resist the stress associated 
with the nominal strength of the member, fps.  Again, the stress that the strand can resist is 
assumed to vary linearly from its effective stress at the end of the transfer length to its nominal 
stress at the end of the development length.  Figure 8.1 presents a graphical representation of 
transfer and development lengths.  More detailed information on strand development can be 
found in Chapter 2 and Appendix 11.   
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Figure 8.1 Idealized Relationship Between Steel Stress and Distance from the Free End of Strand  
(taken from Figure C5.11.4.2-1 of the AASHTO LRFD Commentary [8-1])  
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Figure 8.2 Free Body Diagram – Tension Force Developed by Shear Force at a Support  
(adapted from Figure C5.8.3.5-1 of the AASHTO LRFD Commentary [8-1]) 
 
8.1.2 Code Provisions for Determining Demand on Longitudinal Tension Reinforcement 
 As discussed in the review of code provisions in Chapter 2, the AASHTO LRFD 
specifications provide an explicit method for determining the demand placed on the longitudinal 
reinforcement at the support.  By contrast, the ACI and AASHTO STD address the issue through 
detailing practices.  Figure 8.2 presents the free body diagram that is used in the LRFD 
specifications for evaluating the equilibrium of forces in end regions.   The demand can be 
calculated by summing the moments about point A.  In making this evaluation, LRFD assumes 
that the force attributed to aggregate interlock, Vci, would cause a negligible moment about point 
A.  The derivation presented in the AASHTO LRFD also neglects the difference in location of 
the forces Vu and Vp.  This yields the following expression that is adapted from equation 5.8.3.5-
1 in the AASHTO LRFD: 
 
θcot
22
⎟⎠
⎞⎜⎝
⎛ −−++≥ spuu
v
u VVVN
d
M
T  where: φ
u
s
VV ≤ .    (8-2) 
Theta, θ, in equation 8-2 is the angle of the diagonal compressive stress with respect to the 
longitudinal axis of the member as evaluated at the first critical section.  The capacity of the 
longitudinal tensile reinforcement, T, is given by equation 8-1.  For any given shear force, Vu, the 
demand on the tensile reinforcement increases as the angle θ decreases and thus an accurate 
assessment of θ is essential for predicting the demand on the longitudinal tensile reinforcement at 
the support.   
 It is worth noting that in its current state the LRFD permits designers to provide 
transverse reinforcement in excess of that required for shear as a means of decreasing the 
longitudinal tension requirements. The maximum value of Vs that may be used in Equation 8-2 to 
reduce this demand is Vu/φ.  Accounting for excess shear capacity provided by transverse 
reinforcement in this manner essentially ignores the concrete contribution to shear resistance.  A 
member that is over-reinforced in this manner may fail before the transverse reinforcement 
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yields.  If the transverse reinforcement does not yield then the value of Vs used in Equation 8-2 is 
overestimated and the calculated demand on the longitudinal tension reinforcement is thereby 
underestimated.  Girder 9E was designed with the intent of evaluating this hypothesis.  The 
design shear stress ratio for Girder 9E was 0.21 f’c and the member experienced a shear-
compression failure along the web-bulb interface prior to yielding of the transverse 
reinforcement.  Additional information for calculating the demand placed on longitudinal tension 
reinforcement can be found in Chapter 2 and Appendix 11.   
   
8.2 Demands on Longitudinal Tension Reinforcement at the Support  
 Observations from the NCHRP 12-56 tests raise concerns about the LRFD method for 
calculating the demand on longitudinal tension reinforcement at the support.  This section 
compares experimental results with code based predictions to illustrate possible issues that can 
lead to a failure precipitated by insufficient longitudinal tension capacity.   
 
8.2.1 Evaluating Demand on Longitudinal Tension Reinforcement – AASHTO LRFD 
 In order to accurately predict the demand placed on the longitudinal tension 
reinforcement, it is necessary to start with an appropriate free-body diagram (FBD).  As shown 
in Figure 8-2, the AASHTO LRFD specifications suggests that it is appropriate to use a FBD 
formed using the angle of uniform diagonal compression θ  in which θ  is calculated at a location 
that is approximately a longitudinal distance “d” from the support. AASHTO LRFD Article 
5.8.3.4.2 describes the method used to calculate this angle of uniform diagonal compression θ 
and this is presented in Appendix 11.     
 Inspection of observed crack patterns from the NCHRP 12-56 experimental program 
indicates that in all cases cracks at several different angles could extend through the bottom bulb 
of the member and form a FBD similar to the one depicted in Figure 8.2.  An investigation of all 
possible free body diagrams that could form in the end region of each girder was carried out 
using the program ExpVis that was described in Section 4.8.  ExpVis has the capability to 
evaluate free body diagrams for the end of a girder based upon a crack pattern selected by the 
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(a) Crack Angle = 29.4º 
 
         
 
(b) Crack Angle = 31.5º    (c) Crack Angle = 42.5º 
 
Figure 8.3 Selected Free Body Diagrams for Cracks Penetrating the Bottom Bulb of Girder 1E  
 
user.  Figure 8.3 presents three possible free body diagrams that were selected from the crack 
diagram for the East end of Girder 1.  Figure 8.3 also illustrates the impact that cracking angle 
has on the number of shear stirrups that can contribute to the total shear resistance. 
 For any selected FBD, ExpVis provides the calculated value of the transverse 
reinforcement’s contribution, Vs, to the total shear resistance for the member.  The contribution is 
calculated based on the number of bars crossing a crack using measured values taken from strain 
gages on reinforcing bars.  This information makes it possible to evaluate equation 8-2 for all 
measured crack angles in which Vs and Vu are obtained from ExpVis.  Table 8.1 presents the 
calculated demand, Td, on the longitudinal tension reinforcement based on multiple ExpVis 
FBDs for each girder.  Girders 7W and 8E are excluded since external strand anchorage was 
provided in an effort to generate a B-region failure.   
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Table 8.1 Predicted Demand on Longitudinal Tension Reinforcement Based on ExpVis Values 
Girder 
End 
Vu 
(kips) 
Vp 
(kips) 
FBD 1 FBD 2 FBD 3 
Vs 
(kips) 
θ 
(º) 
Td 
(kips)
Vs 
(kips)
θ 
(º) 
Td 
(kips)
Vs 
(kips) 
θ 
(º) 
Td 
(kips)
1E 573 0 95 42.5 573 196 31.5 775 252 29.4 793 
1W 662 40 104 34.3 835 168 33.6 809 224 28.5 938 
2E 743 0 269 34.5 886 366 33.8 837 356 28.1 1059 
2W 852 34 287 38.0 864 344 37.3 848 492 28 1077 
3E 785 0 292 38.0 818 271 32.4 1023 325 28.7 1137 
3W 854 0 190 37.4 993 271 32 1150 289 28.2 1323 
4E 940 0 145 41.0 998 382 33.8 1119 483 35 998 
4W 940 0 262 36.8 1082 378 34.7 1085 546 34.3 978 
5E 521 0 24 43.3 541 68 32 780 120 23 1087 
5W 438 0 50 35.1 587 67 32.5 635 101 25 831 
6E 760 0 192 37.0 882 274 33.2 953 310 30 1048 
6W 613 0 64 36.0 799 64 29.5 1026 237 30.7 833 
7E 736 0 192 33.8 956 299 30.4 1000 350 27.7 1070 
8W 667 0 178 33.4 877 253 29.6 952 - - - 
9E 722 0 306 37.0 755 361 35.3 764 440 29 905 
9W 841 41 287 39.0 811 326 35.2 903 378 34.5 889 
10E 747 0 323 34.8 843 363 33.6 850 400 29.7 958 
10W 940 42 322 33.8 1100 362 32.9 1108 406 28 1307 
 
 The calculated demand on longitudinal tension reinforcement using ExpVis values can be 
compared to AASHTO LRFD predictions.  In order to facilitate this comparison it is necessary to 
express Vs in terms of θ and substitute it into equation 8-2 as follows: 
 
θρθ cotcot vywvvyvs dfts
dfA
V == .         (8-3) 
The first two terms are also removed from equation 8-2 because there was no external axial load 
applied or moment at the support for the 12-56 members; this provides equation 8-4: 
 
θθρ cot
2
cot
⎟⎟⎠
⎞
⎜⎜⎝
⎛ −−= vywvpud
dft
VVT  where: φ
u
s
VV ≤ .     (8-4) 
 Equation 8-4 is used to develop a relationship between demand placed on the longitudinal 
tension reinforcement at the support and the angle of cracking, θ.  In order to compare the values 
obtained from the ExpVis FBDs to these curves, the support reaction, Vu, used in the AASHTO 
LRFD calculation is taken as the measured support reaction at failure.  This assumes that the 
contribution of the transverse reinforcement to the total shear resistance is well understood and 
simply calculated by taking the total cross sectional area of the stirrups crossing a given crack 
and multiplying it by the yield stress of the reinforcement.  Any difference in the LRFD 
calculation of shear resistance and the measured shear resistance is assumed to be due to the 
concrete contribution to shear resistance exceeding what was calculated by the AASHTO LRFD 
code.  
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(a) Girder 1E 
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(b) Girder 1W 
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(c) Girder 2E 
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(d) Girder 2W 
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(e) Girder 3E 
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(f) Girder 3W 
Figure 8.4 Plots of Demand on Longitudinal Tensile Reinforcement vs. Angle of Cracking 
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(g) Girder 4E 
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(h) Girder 4W 
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(i) Girder 5E 
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(j) Girder 5W 
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(k) Girder 6E 
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(l) Girder 6W 
Figure 8.4 Plots of Demand on Longitudinal Tensile Reinforcement vs. Angle of Cracking 
(continued) 
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(m) Girder 7E 
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(n) Girder 8W 
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(r) Girder 10W 
Figure 8.4 Plots of Demand on Longitudinal Tensile Reinforcement vs. Angle of Cracking 
(continued) 
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 Figure 8.4 presents plots comparing the LRFD calculated demand on the longitudinal 
tension reinforcement with the experimentally observed value determined using ExpVis and the 
previously described process.  Plots for Girders 7W and 8E are excluded because their 
prestressing strands were externally anchored to promote a failure away from the end region.  A 
solid line is used to represent the LRFD calculated tension demand on the longitudinal 
reinforcement based on a range of angles.  This relationship is essentially linear for all cases 
except those where the calculated value of Vs exceeds Vu, as is the case for Girders 9 and 4, both 
of which had large amounts of transverse reinforcement.  A triangular marker is used on the plots 
to identify the value along the curve that corresponds to the LRFD calculated angle of 
principalcompression at the first critical section.  The black squares correspond to the calculated 
demand on the tensile reinforcement based on values of Vs and θ from the ExpVis free-body 
diagrams. 
 Inspection of the plots reveal that the LRFD prediction of demand placed on the 
longitudinal tensile reinforcement is conservative in comparison to the ExpVis calculated 
demand for most cases.  This is primarily because the LRFD angle of principal compression is 
flatter at the first critical section than it is at the support.  Additionally, many of the cracks 
forming near the first critical section at an angle close to the LRFD calculated value of θ failed to 
penetrate the bulb near the support to develop a failure mechanism.   
 The ExpVis calculated demand exceeds the LRFD calculated demand in a few cases in 
which the measured contribution of Vs is less than the yield capacity of this reinforcement.  In 
most cases, the variation is small and this is consistent with the observation that stirrups yielded 
prior to failure for most of the NCHRP 12-56 Girders.  The exceptions being Girder 9E which 
was heavily reinforced and failed due to crushing of concrete and Girders 4E, 4W, and 9W 
which never reached ultimate load.  The behavior exhibited by Girder 6W also appears to be 
unconservative; this may be due to an inaccurate ExpVis prediction of Vs due to strain gages that 
failed during the test.  Girder 6W also had a considerable number of strands that were debonded 
which may have negatively impacted the capacity of the longitudinal tensile reinforcement.   
 Based on the observations from the analysis of the experimental data collected from the 
NCHRP 12-56 girder tests, the AASHTO LRFD method for accessing the demand placed on 
longitudinal tension reinforcement at the support is conservative in comparison to the demand 
calculated with values for Vs and θ from ExpVis for simply supported prestressed members 
subjected to a uniformly distributed load when the transverse reinforcement yields prior to 
failure of the member.    
 
8.2.2 Evaluating Demand on Longitudinal Tension Reinforcement – Strut and Tie Method 
 The strut and tie method (STM) provides an alternative means to the AASHTO LRFD 
procedure for calculating the demand placed on the longitudinal tension reinforcement at the 
support in a prestressed girder.  Figure 8.5(a) details the geometry for a given end region that  
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   (a) Schematic Representation           (b) C-C-T Node 
 
Figure 8.5 Strut and Tie Idealization of End Region Anchorage Zone 
 
contains distributed tension reinforcement.  The nodal region can be idealized as a compression-
compression-tension (C-C-T) node as shown in Figure 8.5(b).  Equilibrium suggests that the 
demand on the longitudinal tension reinforcement can be determined by the following 
expression: 
 
θcotRTd =             (8-5) 
 
where: θ is the angle between the compressive strut flowing into the support and the longitudinal 
axis of the girder.  Whereas Equation 8-4 was derived from a FBD of the condition of an entire 
end region for which the angle of cracking away from the support and the quantity of shear 
reinforcement enter into the calculation for longitudinal tension demand, Equation 8-5 stems 
from simple joint equilibrium and these other effects do not enter the formula.  Similarly to 
Equation 8-4, it is still necessary to select an appropriate value for θ to properly assess the 
longitudinal tension demand but in 8-5 this is the angle of average diagonal compression that 
flows into the support whereas in Equation 8-4, as stated, θ is the angle of cracking inside of the 
support.  
 Proper selection of the angle θ is essential to accurately evaluate the demand on the 
longitudinal tension reinforcement and is not a trivial task since the shape of the compressive 
strut that flows into the support is dependent on many factors and not well understood.  In 
general it can be assumed that the angle is greater than the angle of principal compressive stress 
evaluated at the first critical section.  Krypton data gathered during the 12-56 experiments can be 
utilized to estimate the angle of principal compressive strain at the support.  Figure 8.6 is a 
schematic drawing of a girder end that indicates the location of the Krypton targets.  A series  
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Figure 8.6 Layout of Krypton Targets (red dots) used to Determine Angle of Principal 
Compressive Strain  
 
of strains can be calculated at angles ranging from 26.5 to 45 degrees from the longitudinal axis 
of the girder by using targets at the top of the web and a target immediately in front of the 
support as indicated in Figure 8.6.  Figure 8.7 is a plot of the strains measured at the angles 
shown in Figure 8.6 at an applied load of 42.8 kips/ft for Girder 10W.  
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Figure 8.7 Plot of Compressive Strain vs. Angle from Longitudinal Axis of Girder  
 
Figure 8.7 indicates that the maximum compressive strain occurs at an angle near 39 degrees.  
One can assume that the angle of principal compressive stress would be near this value as well.  
Similar observations were made for the rest of the 12-56 members.    
 It is also possible to utilize the ExpVis data and LRFD calculations for Td to estimate the 
angle of principal compressive stress at the support.  One can evaluate an angle at which a force 
must act to create equilibrium between the forces Td and Vu at the support.  Table 8.2 displays the 
estimated angles of principal compressive stress based on this premise.  As expected the 
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estimated angles are greater than the LRFD calculated angles of uniform diagonal compression 
at the first critical section.  In general the ExpVis based angles are greater than the LRFD based 
angles by roughly 2 degrees.  LRFD values were excluded for Girder 9 in Table 8.2 because the 
estimated steel contributions exceeded the support reaction and provided unreasonable values. 
 
Table 8.2 Estimated Angle of Principal Compressive Stress at the Support Based on ExpVis and 
LRFD Td Values 
Girder 
End 
Vu 
(kips) 
Estimated Angle of Principal Compressive Stress at Support (degrees)
ExpVis LRFD FBD 1 FBD 2 FBD 3 AVG. 
1E 573 45.0 36.5 35.8 39.1 31.2 
1W 662 38.4 39.3 35.2 37.6 33.4 
2E 743 40.0 41.6 35.1 38.9 37.7 
2W 852 44.6 45.1 38.4 42.7 38.9 
3E 785 43.8 37.5 34.6 38.6 32.1 
3W 854 40.7 36.6 32.8 36.7 31.2 
4E 940 43.3 40.0 43.3 42.2 42.1 
4W 940 41.0 40.9 43.9 41.9 42.1 
5E 521 44.0 33.8 25.6 34.4 25.3 
5W 438 36.7 34.6 27.8 33.0 25.2 
6E 760 40.8 38.6 35.9 38.4 32.3 
6W 613 37.5 30.8 36.3 34.9 36.5 
7E 736 37.6 36.4 34.5 36.2 33.4 
8W 667 37.3 35.0 - 36.2 34.4 
9E 722 43.7 43.4 38.6 41.9 - 
9W 841 46.0 42.9 43.4 44.1 - 
10E 747 41.5 41.3 37.9 40.2 39.3 
10W 940 40.5 40.3 35.7 38.8 37.2 
   Averages 38.7 36.3 
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Figure 8.8 Plots of Demand on Longitudinal Tensile Reinforcement vs. Angle of Cracking 
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 Figure 8.8 presents selected plots that illustrate the difference between the predicted 
demand on longitudinal tensile reinforcement calculated with the LRFD and strut and tie 
methods.  The dashed line represents the prediction based on the strut and tie method while the 
rhombus labeled “Avg theta” corresponds to the average ExpVis value presented in Table 8.2 .  
For lightly reinforced members, such as Girder 5, there is little difference between the LRFD and 
STM calculated values over the complete range of angles.  The LRFD calculated value for Td 
exceeds the STM value due to the large difference in θ between the two methods.   There is 
considerable deviation between the calculated values for members that are heavily reinforced 
such as Girder 9.  In this case the STM calculated value for Td exceeds the LRFD value and 
appears to be in good agreement with the Td values resulting from the ExpVis data.  This 
difference is because the transverse reinforcement reduces the tensile demand with the LRFD 
procedure which may result in an unconservative evaluation of Td.      
 
8.2.3 Measured Demand on Longitudinal Tension Reinforcement 
 Measured strain data gathered from the bottom bulb of the girders makes it possible to 
estimate the demand placed on the longitudinal tension reinforcement as a result of the applied 
loading using the following expression: 
 
xccxpspsccpsped AEAEAEAfT εεε ++−= 0         (8-6) 
 
where fpe is the effective prestress, ε0 is the prestrain in the concrete prior to testing, εx is the 
strain due to the applied loading, Aps and Ac are areas of the prestressing steel and concrete in the 
bottom bulb, and  Eps and Ec are the elastic modulus for the strand and concrete respectively.   
 Table 8.3 presents the measured values of demand compared to the predictions based on 
the LRFD and the STM methods (using the average angle from Table 8.2) for Girder 8W and 
both ends of Girder 9 and 10.  Measured demand values in Table 8.3 assume that the strain 
distribution in the bottom bulb is uniform.  The values presented in Table 8.3 indicate that the 
both methods provide reasonable values for calculated demand in comparison with measured 
  
Table 8.3 Comparison of Measured and Predicted Longitudinal Tension Demand 
Girder 
Td (kips) Ratios 
LRFD STM Measured LRFD / Measured
STM / 
Measured 
8W 973 911 988 0.98 0.92 
9E 687 804 751 0.91 1.07 
9W 533 868 526 1.01 1.65 
10E 914 883 812 1.13 1.09 
10W 1237 1169 738 1.68 1.58 
 
demand while the STM method is slightly more conservative overall.  In order to complete a 
more thorough assessment of the measured demand, more detailed experimental data must be 
obtained to more accurately characterize the stress distribution in the bottom bulb.   
 Ultimately, the AASHTO LRFD provides conservative predictions for the demand placed 
on longitudinal tension reinforcement in comparison to the STM method for all cases except for 
members heavily reinforced in shear where the transverse steel may not yield.  Alternatively, the 
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strut and tie method provides a method for determining the demand on longitudinal tensile 
reinforcement for lightly reinforced members.  It can also be used to provide a useful upper 
bound for the longitudinal reinforcement demand for heavily reinforced members and provides a 
guideline for designers to evaluate what the demand may be if the transverse reinforcement does 
not yield.  
 
8.3 Capacity of Longitudinal Tension Reinforcement at the Support  
 In addition to investigating the demand placed on the longitudinal tension reinforcement 
at the support, it is also necessary to evaluate its capacity.  The relationship between calculated 
demand and capacity provides an indicator of the mode of failure and dictates that understanding 
of only one of them is insufficient.  This section presents observations made during the NCHRP 
12-56 testing program that offer insight into the capacity of the longitudinal tension 
reinforcement at the support.   
 
8.3.1 Cracks Penetrating the Bulb at the Support 
 For a simply supported single span member, the capacity of the longitudinal tension 
reinforcement increases along its length towards midspan from a value of zero at its free end near 
the support.  Cracks in the concrete that intersect the reinforcement interrupt the development of 
its tensile capacity.  In order to properly evaluate the capacity of longitudinal tensile 
reinforcement in the end region of a member, it is useful to examine the crack patterns that 
developed in the area where the reinforcement is developing its capacity. 
 A considerable amount of previous research has been completed that had the intention of 
providing an increased understanding of the bond, transfer, and development characteristics for 
prestressing strands.  Work completed by Shahawy [3-8], Gross and Burns [3-9], and Barnes, 
Burns, and Kreger [3-10] was presented in Chapter 3.  The intent of these testing programs was 
to measure the transfer and development length for prestressing strands under various conditions.  
In order to evaluate the development length of strands, researchers commonly apply two 
concentrated loads using a spreader beam at various distances from the support.  This creates a 
region of constant moment between the load application points and an area of constant shear 
between the support and the first load point.  The distance from the support to the loading point 
is adjusted for identical members and the failure mode is evaluated to determine if the strands 
were able to develop the stress corresponding to the nominal strength of the member.  It has been 
generally observed that cracks passing through the bottom flange of a member within the transfer 
length of prestressing initiates a failure related to strand slip. 
 The free body diagram, shown in figure 8.2, forms the basis for the AASHTO LRFD 
calculated demand on longitudinal tensile reinforcement at a support.  An assumption is made 
that a crack originating from the front edge of the support passes through the bottom flange into 
the web and limits the capacity of the reinforcement at the support.  Accordingly, the capacity of 
the reinforcement is determined by evaluating the stress it can resist based upon the distance 
from the end of the member to where the centroid of the reinforcement intersects the idealized 
crack.  Similarly, an evaluation of the extended nodal zone based on a strut and tie approach, 
shown in figure 8.5(a), would evaluate the capacity of the reinforcement based on the anchorage 
length, lanc.  In general the anchorage length calculated using LRFD method would exceed that 
calculated by the STM by approximately 3 inches using the angle assumed by the LRFD for the 
NCHRP 12-56 members.  
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(a) Girder 1W 
 
 
(b) Girder 1E 
 
(c) Girder 2E 
 
 
(d) Girder 9E 
Figure 8.9 Photographs of End Region Cracking at the Support 
  
 Throughout the NCHRP testing program it was observed that the extension of cracks near 
the end region of a member did not necessarily occur at the inside edge of the support and often 
occurred directly over the support.  The formation of cracks directly over the support is a 
concern, because the tensile capacity of the strands could be significantly less than what would 
be predicted based on the AASHTO LRFD assumptions.  Figure 8.9 shows photographs of the 
end regions of representative NCHRP 12-56 members that exhibited cracking that penetrated the 
bottom bulb directly over the support.  The dashed white line provided in each of the photos 
highlights the support and indicates where the LRFD would expect the idealized crack to form.  
As indicated in Figure 8.9, the length assumed by the AASHTO LRFD would overestimate the 
available anchorage length for these members by 2-3 times.  The average LRFD calculated bond 
length for the 12-56 members was 23.2 inches while cracking was observed to penetrate the 
bottom bulb at a distance of 12 inches and less from the end of the member in many cases.   
 The observed cracks are almost perpendicular to the longitudinal axis of the girder where 
the LRFD assumes that the cracks would be inclined at an angle equal to the angle of the 
principal compressive stress at the first critical shear design section.  The fact that the observed 
cracks are located directly over the support and their orientation is perpendicular to the 
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longitudinal axis of the girder suggests that they may have formed as a result of tensile stresses 
perpendicular to the compressive strut flowing into the support.   
 
8.3.2 Measured Transfer Lengths 
 Evaluating transfer length data that was obtained before and during testing makes it 
possible to access the available capacity of the longitudinal tensile reinforcement.  The strains in 
the bottom bulb of each girder were measured using a series of Whittemore targets that had been 
affixed to the bottom bulb immediately before strand release.  Additional measurements were 
taken after release and immediately prior to testing to evaluate the creep and shrinkage each 
member experienced so that the effective prestress level could be determined.  Measurements 
were also taken during testing for girders 8, 9, and 10.   
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Figure 8.10 Concrete Surface Strains in the Bottom Bulb of Girder 8E 
 
 Figure 8.10 is a representative plot of the measured concrete surface strains from the 
bottom bulb of a girder prior to testing. The measured transfer length can be determined by 
evaluating the distance from the end of the girder where the strain in the bottom bulb stops 
increasing (for the measurements taken immediately after strand release).  For this particular 
plot, the transfer length is approximately 24 inches.  The other measurement provides the data 
needed to evaluate the effective prestress in the member immediately prior to testing.  Table 8.4 
presents the measured transfer lengths for each of the girders that was tested.    
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Table 8.4 Measured Transfer Lengths 
Girder 
Designation
Transfer Length (in)
West East 
G1 28 28 
G2 23 23 
G3 - 18 
G4 23 23 
G5 23 25 
G6 - 23 
G7 23 23 
G8 23 23 
G9 20 23 
G10 23 - 
 
 The measured data taken before and during testing makes it possible to evaluate the strain 
distribution in the bottom bulb during testing and access the impact of cracking on the capacity 
of the prestressing strands.  The bottom bulb stains measured during testing are only the change 
in strain due to the application of the external load.  The net effective or resultant strain is the 
sum of the strain due to the effective prestressing force and the measured strain due to the 
applied external load.  Figure 8.11 presents the resultant strains for both ends of girders 8, 9, and 
10.  At low levels of applied load, the prestressing force dominates the behavior and the entire 
end region of the bulb is in compression.  As the external load is increased, the strain values in 
the bottom bulb go into tension near the end of the member.  This observation is supported by 
evidence of cracks penetrating the bottom bulb near the support as shown in figure 8.9.  The 
maximum tensile strain is observed at a distance between 8 and 18 inches from the end of the 
member and increases as additional external load is applied.    
 Further inspection of figure 8.11 indicates that in all cases the bulb maintained a 
consistent level of compression at a distance of 36 inches from the end of the member 
independent of the applied loading.  This observation indicates that the strands have developed 
their effective stress, fpe, within a distance of 36 inches independent of the cracking between 8 
and 18 inches.  The observed transfer length for the NCHRP 12-56 girders was on average 23 
inches, which is 34% less than the AASHTO LRFD predicted transfer length of 60 strand 
diameters or 36 inches.  This is likely due to enhanced bond caused by confining effect created 
by the support reaction and the increased stiffness and tensile strength associated with high 
strength concrete. 
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Figure 8.11 Plots of Measured Net Effective Strain in Bottom Bulb Near End Regions 
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 Average bond stress values were calculated from the data presented in Figure 8.11 and 
are presented in Table 8.5.  The reported bond stress values are based on the change in measured  
 
Table 8.5 Measured Bond Stress Values 
Girder Measured Bond Stress (psi)West East 
8 520 860 
9 390 820 
10 350 1000 
 
strain at peak load after the observed spike in strain related to cracking in Figure 8.11.  Work 
completed by Abrishami and Mitchell [8-5] reported bond stress values of 1140 psi along the 
transfer length and 500 psi along the development length for 0.6-inch diameter strands.  In 
comparison, the range of calculated values in Table 8.5 is reasonable considering that the 
beneficial effects of the compression at the support would be offset by the negative impact of 
cracking in the bulb.  
 Although it is an unintended result, the AASHTO LRFD requirement for transfer length 
appears to accurately predict the distance required for the effective stress to be transferred to the 
member independent of cracks crossing the strand in its transfer length.  This observation is 
limited to the NCHRP 12-56 testing program because it is expected that the bond of the 
prestressing strands is enhanced due to the support reaction and the use of high strength concrete.  
  
 8.3.3 Evaluating Capacity of Longitudinal Tensile Reinforcement 
 As mentioned previously, cracks forming within the transfer length are a cause for 
concern since they may negatively impact the capacity of the longitudinal tension reinforcement.  
Based on the information presented in the previous section, this does not appear to be a concern 
for the types and details of the girders tested in NCHRP Project 12-56.  It is proposed that the 
capacity of the longitudinal tension reinforcement at the support for these experiments can be 
expressed as follows: 
 
yspepsc fAfAT += .          (8-7) 
 
Table 8.6 presents a comparison of the predicted capacity of the longitudinal tension 
reinforcement with the demand predicted by the AASHTO LRFD method as described by 
equation 8-4.  The demand calculation is based on the maximum support reaction that was 
recorded for each girder end.  Column 3 is the predicted capacity of the longitudinal 
reinforcement based on the AASHTO LRFD method.  The stress in the prestressing steel is 
evaluated using a reduced value of the effective stress that is based on a ratio of the anchorage 
length, as depicted in Figure 8.5, to the predicted transfer length of 60 strand diameters.  The 
values for capacity in column 4 are based on the observation that the effective stress in the 
prestressing strands was developed within 36 inches for the NCHRP 12-56 girders and were 
determined using equation 8-6.  Columns 5 and 6 are capacity to demand ratios for the two 
different methods for calculating capacity.  In most cases the calculated demand exceeded the 
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calculated capacity when both AASHTO LRFD predictions were implemented.  The capacity 
based on equation 8-6 provides an estimate that is conservative for all but 4 of the members. 
 
Table 8.6 Comparison of Capacity and Demand for Longitudinal Tension Reinforcement 
Girder 
End 
EQ 8-4 
Td (kips) 
EQ 8-1 
 Tc (kips)
EQ 8-6 
 Tc (kips)
Capacity / Demand 
EQ 8-1 
EQ 8-4 
EQ 8-6   
EQ 8-4 
1E 945 849 1299 0.90 1.37 
1W 1003 565 901 0.56 0.90 
2E 962 1042 1428 1.08 1.48 
2W 1056 596 978 0.56 0.93 
3E 1253 915 1412 0.73 1.13 
3W 1410 921 1412 0.65 1.00 
4E 1042 881 1401 0.85 1.34 
4W 1042 919 1401 0.88 1.34 
5E 1104 641 1054 0.58 0.95 
5W 929 669 1054 0.72 1.13 
6E 1204 1000 1528 0.83 1.27 
6W 827 617 946 0.75 1.14 
7E 1117 1034 1522 0.93 1.36 
8W 973 1040 1522 1.07 1.56 
9E 687 840 1228 1.22 1.79 
9W 533 632 1012 1.19 1.90 
10E 914 715 980 0.78 1.07 
10W 1237 696 1055 0.56 0.85 
 
 Girders 6W and 1W both exhibited strand slip prior to failure which would suggest that 
insufficient longitudinal tension capacity may have played a role in their failures.  The design of 
girder 6W violated several code requirements with respect to strand debonding in the interest of 
investigating these limitations.  Cracks formed within the transfer length of the strands that were 
debonded in the web and led to an increased demand on the fully bonded strands that was 
unsustainable and precipitated minor web crushing failure.  Previous research competed by 
Barnes, Burns, and Kreger [8-4] suggested that longitudinal tension capacity problems often 
occur when cracks pass through the transfer length of debonded strands.  This observation is 
consistent with the failure for Girder 6W.  Girder 1W exhibited a small amount of strand slip 
prior to failure and based upon the shear compression analysis in the previous chapter it is likely 
that insufficient capacity in the longitudinal tensile reinforcement led to the failure as would be 
indicated by both methods in Table 8.6.  Other members that have a ratio less than 1 in column 6 
have values that are greater than 0.85.  Given the conservatism that is built into the demand 
equation and the multiple variables that could have an impact on a failure related to strand 
capacity, it is expected that they would not all exhibit signs of a failure due to insufficient 
longitudinal tensile reinforcement. 
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8.4 Summary and Conclusions  
 Overall, the AASHTO LRFD method for predicting the demand on longitudinal tensile 
reinforcement at the support is conservative.  The primary source of this conservatism arises 
from the use of the angle of principal compressive stress at the first critical section for evaluating 
the demand on the longitudinal tensile reinforcement.  It has been shown that the conservatism of 
the method decreases when the transverse reinforcement does not yield and this suggests that it 
may not be wise to permit designers (as currently done in LRFD) to use shear reinforcement as a 
substitute for longitudinal tension reinforcement. Currently, Vs in equation 8-4 may be taken as 
large as Vu/φ.  Members are not designed to fail in this manner but design errors or members 
designed for high shear stresses may exhibit this type of behavior and care should be taken to 
insure that sufficient longitudinal tension reinforcement is provided for members designed for 
shear stresses approaching 0.25 f’c. 
 The strut and tie method provides an alternative method for accessing the demand on 
longitudinal tension reinforcement at a support.  In members that are lightly reinforced and 
designed for low shear stresses, the strut and tie method provides an upper bound for the demand 
on the longitudinal tension reinforcement.  For heavily reinforced members the method provides 
an added level of conservatism resulting from the fact that no assumptions are made regarding 
the contribution of the transverse reinforcement to longitudinal tension demand.  One issue 
associated with implementing the strut and tie based method lies in selecting an appropriate 
angle to determine the demand.  This angle was observed to be near 39 degrees for the 12-56 
members.  In most cases an angle greater than the angle of principal compression at the first 
critical section is appropriate.  However, it is difficult to provide a general rule to provide 
guidance for selection of the angle. 
 Experimental observations indicate that the measured transfer lengths for the NCHRP 
girders were considerably less than code based predictions.  The exact reason for this is not 
known but it is assumed that the use of high strength concrete and confinement caused by the 
support reaction enhanced bond performance.  It was observed that the prestressing strands in the 
12-56 members could develop their effective stress consistently in a distance of 36 inches 
independent of whether or not cracks crossed the reinforcement in the transfer region.  These 
measurements indicate that the AASHTO LRFD would drastically underestimate the capacity of 
the longitudinal tensile reinforcement for these members.  It is difficult to extrapolate this 
information to other members due the number of variables that impact bond performance.   
 Overall, for the particular case of the NCHRP 12-56 girders, an evaluation of the demand 
capacity relationship for the longitudinal tensile reinforcement was best accomplished by using 
the AASHTO LRFD method for predicting demand and evaluating capacity by assuming the 
reinforcement could develop its effective stress.  This evaluation provided the best comparison 
with observations made for the failure modes of the members.   
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Chapter 9 
SUMMARY, CONCLUSIONS, AND RECOMMENDATIONS 
FOR FUTURE WORK 
  
 As stated in Chapter 1, the overall objective of this research is to investigate aspects of 
shear-related behavior that are not commonly considered in design and have not been adequately 
investigated in previous research but are critical for understanding how forces are locally 
transmitted and the factors that may limit the capacity of large and heavily stressed prestressed 
concrete members.  This chapter presents a summary of the key components and the findings of 
this research that support this objective.  It also makes recommendations for future work. 
    
9.1 Summary and Conclusions 
9.1.1 Shear Friction Tests 
The LRFD Sectional Design Model is derived from the Modified Compression Field 
Theory (MCFT) in which the concrete contribution to shear resistance is limited by interface 
shear transfer resistance along cracks.  The underlying MCFT relationship for evaluating 
interface shear slip resistance is a function of crack width, crack roughness, concrete strength, 
and the resistance to crack opening provided by longitudinal reinforcement.  Experimental 
results from the shear friction tests indicate that the expression for interface shear transfer 
resistance that was used in the derivation of the LRFD provisions is conservative when applied 
to high strength concrete.   
Another primary assumption of the LRFD Sectional Design Model is that the angle of 
principal compressive stress is coincident with the angle of cracking.  This assumption provides 
a basis for determining the shear stress that must be transferred across a crack.  It was observed 
that the LRFD predicted angle of principal compressive stress was flatter than the measured 
angle of cracking in 19 of 20 cases observed throughout the NCHRP 12-56 testing program.  An 
expression was derived for determining the shear stress on a crack caused by the difference in the 
predicted angle of principal compressive stress and the angle of cracking.  This expression 
revealed that a 3 degree difference in the angles could double the shear stress on a crack for a 
member with a high design shear stress ratio. 
 
9.1.2 Shear Compression Failures 
Many of the failures observed in the NCHRP 12-56 testing program were precipitated by 
explosive crushing and shearing along the interface between the bottom bulb and the web of a 
girder.  Failures of this type involved a zone of crushing and shearing that extended from the end 
of the beam to a distance of several beam depths towards midspan and had not been reported in 
the observations from previous testing programs.   
Relationships were developed to compare the state of shear and normal stress at the web-
flange interface above the support in the test girders to biaxial tests on high-strength concrete.  
These relationships were used to develop a method to evaluate the horizontal shear stress at the 
support to determine if an extensive shear compression failure was likely to occur.  For members 
likely to fail in shear compression, the proposed method is able to predict the distance from the 
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support to where flexural cracking must pass through the bottom flange and into the web to 
initiate failure with reasonable accuracy. The proposed method was evaluated using the detailed 
results from the NCHRP 12-56 experimental program as well as experiments completed by Ma 
and Tadros, and Bruce, Russell, and Roller and was shown to provide good agreement with 
observed behavior.   
In summary, the proposed method for evaluating shear compression capacity provides an 
additional means to evaluate the maximum shear stress that can be safely carried by a member.  
The horizontal shear stress at the web-flange interface is evaluated as a function of the applied 
loading and geometry of the end region.  If a member has a web-flange interface shear stress 
ratio in excess of 0.30 then it is considered to be susceptible to a shear compression failure and 
further evaluation of the design should be completed to guard against this type of failure. 
 
9.1.3 Longitudinal Tensile Reinforcement 
Shear forces in the end region of a beam place a demand on longitudinal tensile 
reinforcement at the support.  A sufficient understanding of the relationship between the capacity 
of and the demand placed on the longitudinal tensile reinforcement is necessary to guard against 
strand slip failures.  A comparison of the demand on longitudinal tensile reinforcement 
calculated by the AASHTO LRFD with values calculated using measured quantities for the 
transverse reinforcement’s contribution to total shear resistance indicate that the AASHTO 
method is conservative for all cases except for heavily reinforced members where the transverse 
reinforcement does not yield prior to failure.  This suggests that it may not be prudent to permit 
designers (as currently done in LRFD) to use shear reinforcement as a substitute for longitudinal 
tension reinforcement.   
 Additionally, a procedure utilizing the strut and tie method was proposed for evaluating 
the demand on the longitudinal tension reinforcement.  The method provides an upper bound for 
the demand on the longitudinal tensile reinforcement and provides a viable alternative for 
evaluating the demand on longitudinal tension reinforcement for members that are lightly 
reinforced in shear.  It can also be used to provide an upper bound for the longitudinal 
reinforcement demand for heavily reinforced members and provides a guideline for designers to 
evaluate what the demand may be if the transverse reinforcement does not yield.  
The average measured transfer length for the NCHRP 12-56 girders was 23 inches 
compared to the AAHSTO LRFD predicted value of 36 inches.  The enhanced strand 
development behavior provided increased capacity in the longitudinal tensile reinforcement.  
Based on the demand calculations and failure modes, the capacity of the longitudinal tensile 
reinforcement exceeded the LRFD predictions.   
Cracks were observed that propagated from the web into the flange directly over the 
support in many of the NCHRP 12-56 test girders.  This observed pattern of cracking is 
inconsistent with the pattern that is assumed in the LRFD method for determining longitudinal 
tension demand.  Measured concrete surface strains indicated that these cracks had a negative 
effect on the development of the prestressing strands.  However, it was observed that strands 
were still able to transmit their effective stress to the concrete over a distance of 36 inches 
independent of cracking.  The demand / capacity relationships for evaluating the longitudinal 
tensile reinforcement for the NCHRP 12-56 members was well characterized by utilizing the 
AASHTO LRFD method to assess demand and evaluating the capacity by taking the full 
effective stress of the fully bonded tendons and the yield stress of any additional deformed bar 
reinforcement located in the bottom flange into account.   
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9.2 Recommendations for Future Work 
Based on the work completed during this project, the following suggestions are made for 
future work: 
• The findings presented in this report should be checked using detailed experimental results 
from tests on sections with different shapes, sizes, and end conditions. Since the data are 
presently unavailable, additional experimental testing is needed.  
• Test data from other testing programs are required to evaluate the difference in observed 
angle of cracking and the angle of principal compressive stress according to the AASHTO 
LRFD sectional design method.   
• Any future shear test programs involving large scale prestressed concrete bridge girders 
should consider testing initially uncracked shear friction specimens as well as plain concrete 
specimens subjected to biaxial loading.  Measured material test data from these specimens 
would be helpful in validating the proposed method for evaluating allowable web-flange 
interface shear stress ratios and the likelihood of shear compression failures.  
• A further evaluation of the longitudinal strains measured in the bottom flange in the end 
regions of prestressed members is in order.  Previous experimental programs evaluating the 
development of prestressing strands have not gathered detailed strain information from the 
strand development region in the bottom flange.  Data gathered could provide a significant 
amount of insight to the development of stress in prestressing strands in cracked regions. 
This information is essential for improving the prediction of the longitudinal tension capacity 
requirements that are important for new design and for the capacity rating of existing 
structures.  
• Researchers should pursue additional large scale experimental programs for prestressed 
girders subjected to uniformly distributed loads.  A significant amount of data has been 
obtained from the NCHRP 12-56 testing program but it would be valuable to compare the 
data to other members subjected to similar loading conditions instead of taking the traditional 
approach of applying point loads near the support to generate shear failure.  These testing 
programs should include evaluation of conditions at interior supports of both continuous 
members and members made continuous for live load.  
• A significant amount of detailed experimental data was gathered during the NCHRP 12-56 
experimental program.  Four research reports are being authored based on this experimental 
work.  The first two have focused on shear strength, and shear behavior in B-regions 
respectively.  The work for this project has been described in this document.  Additional 
work on a fourth project will focus on validation of advanced computational tools and will 
further utilize the large amount of detailed experimental data that has been gathered.  
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Appendix 11 
DESIGN CODE EXCERPTS TO SUPPLEMENT CHAPTER 2 
 
A11.1 Shear Design Provisions 
Excerpts from AASHTO LRFD – 5.8.2 General Requirements 
 
5.8.2.4 Regions Requiring Transverse Reinforcement 
 Except for slabs, footings, and culverts, transverse reinforcement shall be provided where: ( )pcu VVV +> φ5.0          (5.8.2.4-1) 
where: 
Vu = factored shear force (kips) 
Vc = nominal shear resistance of the concrete (kips) 
Vp = component of prestressing force in direction of the shear force (kips) 
Φ = 0.9 for normal weight concrete; resistance factor specified in Article 5.5.4.2 
 
5.8.2.5 Minimum Transverse Reinforcement 
 Except for segmental post-tensioned concrete box girder bridges, where transverse 
reinforcement is required, as specified Article 5.8.2.4, the area of steel shall satisfy: 
y
v
cv f
sbfA '0316.0=          (5.8.2.5-1) 
where: 
Av = area of a transverse reinforcement within distance s (in.2) 
bv = width of web adjusted for the presence of ducts as specified in Article 5.8.2.9 (in.) 
s = spacing of transverse reinforcement (in.) 
fy = yield strength of transverse reinforcement (ksi) 
 
5.8.2.7 Maximum Spacing of Transverse Reinforcement 
 The spacing of the transverse reinforcement shall not exceed the maximum permitted 
spacing, smax, determined as: 
• If vu < 0.125 f’c, then: 
smax = 0.8dv ≤ 24.0 in.        (5.8.2.7-1) 
• If vu ≥ 0.125 f’c, then: 
smax = 0.4dv ≤ 12.0 in.        (5.8.2.7-2) 
where: 
vu = the shear stress calculated in accordance with 5.8.2.9 (ksi) 
dv = effective shear depth as defined in Article 5.8.2.9 (ksi) 
 
5.8.2.9 Shear Stress on Concrete 
 The shear stress on the concrete shall be determined as: 
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vv
pu
u db
VV
v φ
φ−=          (5.8.2.9-1) 
where: 
bv = effective web width taken as the minimum web width, measured parallel to the neutral 
axis, between the resultants of the tensile and compressive forces due to flexure, or for 
circular sections, the diameter of the section, modified for the presence of ducts where 
applicable (in.) 
dv = effective shear depth taken as the distance, measured perpendicular to the neutral axis, 
between the resultants of the tensile and  compressive forces due to flexure; it need not be 
taken to be less than the greater of 0.9 de or 0.72h (in.) 
Φ = 0.9 for normal weight concrete; resistance factor for shear specified in Article 5.5.4.2 
  
 In determining the web width at a particular level, one-half the diameters of ungrouted ducts 
or one-quarter the diameter of grouted ducts at that level shall be subtracted from the web width. 
 
5.8.3 Sectional Design Model 
5.8.3.1 General 
The sectional design model may be used for shear design where permitted in accordance with 
the provisions of Article 5.8.1 
In lieu of the methods specified herein, the resistance of members in shear or in shear 
combined with torsion may be determined by satisfying the conditions of equilibrium and 
compatibility of strains and by using experimentally verified stress-strain relationships for 
reinforcement and for diagonally cracked concrete. Where consideration of simultaneous shear in 
a second direction is warranted, investigation shall be based either on the principles outlined 
above or on a three-dimensional strut-and-tie model. 
 
5.8.3.2 Sections Near Supports 
The provisions of Article 5.8.1.2 shall be considered. 
 Where the reaction force in the direction of the applied shear introduces compression into the 
end region of a member, the location of the critical section for shear shall be taken as dv from the 
internal face of the support as illustrated in Figure 1. 
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Figure 5.8.3.2-1 Critical Section for Shear 
 
Otherwise, the design section shall be taken at the internal face of the support. Where the 
beam-type element extends on both sides of the reaction area, the design section on each side of 
the reaction shall be determined separately based upon the loads on each side of the reaction and 
whether their respective contribution to the total reaction introduces tension or compression into 
the end region. 
 For post-tensioned beams, anchorage zone reinforcement shall be provided as specified in 
Article 5.10.9. For pretensioned beams, a reinforcement cage confining the ends of strands shall 
be provided as specified in Article 5.10.10. For nonprestressed beams supported on bearings that 
introduce compression into the member, only minimal transverse reinforcement may be provided 
between the inside edge of the bearing plate or pad and the end of the beam. 
 
 
5.8.3.3 Nominal Shear Resistance 
 The nominal shear resistance, Vn, shall be determined as the lesser of: 
pscn VVVV ++=         (5.8.3.3-1) 
pvvcn VdbfV += '25.0         (5.8.3.3-2) 
in which: 
vvcc dbfV
'0316.0 β=        (5.8.3.3-3) 
( )
s
dfA
V vyvs
ααθ sincotcot +=       (5.8.3.3-4) 
where: 
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bv = effective web width taken as the minimum web width within the depth dv as determined 
in Article 5.8.2.9 (inches) 
dv = effective shear depth as determined in Article 5.8.2.9 (inches) 
s = spacing of stirrups (inches) 
β = factor indicating ability of diagonally cracked concrete to transmit tension as specified in 
Article 5.8.3.4 
θ = angle of inclination of diagonal compressive stresses as determined in Article 5.8.3.4(º) 
α = angle of inclination of transverse reinforcement to longitudinal axis (º) 
Av = area of shear reinforcement within a distance s (in.2) 
Vp = component in the direction of the applied shear of the effective prestressing force; 
positive if resisting the applied shear (kips) 
 
5.8.3.4 Determination of β and θ 
 
5.8.3.4.2 General Procedure 
 For sections containing at least the minimum amount of transverse reinforcement specified in 
Article 5.8.2.5, the values β and θ shall be as specified in Table 1.  In using this table, εx shall be 
taken as the calculated longitudinal strain at the mid-depth of the member when the section is 
subjected to Mu, Nu, and Vu as shown in Figure 1.  
 For sections containing less transverse reinforcement than specified in Article 5.8.2.5, the 
values β and θ shall be as specified in Table 2.  In using this table, εx shall be taken as the largest 
calculated longitudinal strain which occurs within the web of the member when the section is 
subjected to Mu, Nu, and Vu as shown in Figure 2. 
 Unless more accurate calculations are made, εx shall be determined as: 
• If the section contains at least the minimum transverse reinforcement as specified Article 
5.8.2.5: 
  ( )pspss
popspuu
v
u
x AEAE
fAVVN
d
M
+
⎟⎟⎠
⎞
⎜⎜⎝
⎛ −−++
=
2
cot5.05.0 θ
ε    (5.8.3.4.2-1) 
 The initial value of εx should not be taken greater than 0.001. 
• If the section contains less than the minimum transverse reinforcement as specified in 
Article 5.8.2.5: 
 
pspss
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u
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fAVVN
d
M
+
⎟⎟⎠
⎞
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⎛ −−++
=
θ
ε
cot5.05.0
   (5.8.3.4.2-2) 
The initial value of εx should not be taken greater than 0.002. 
• If the value of εx from Eqs. 1 or 2 is negative, the strain shall be taken as: 
  ( )pspsscc
popspuu
v
u
x AEAEAE
fAVVN
d
M
++
⎟⎟⎠
⎞
⎜⎜⎝
⎛ −−++
=
2
cot5.05.0 θ
ε    (5.8.3.4.2-3) 
where: 
Ac = area of concrete on the flexural tension side of the member shown in Figure 1 (in.2) 
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Aps = area of prestressing steel on the flexural tension side of the member, as shown in Figure 1 
(in.2) 
As = area of nonprestressed steel on the flexural tension side of the member at the section 
under consideration, as shown in Figure 1.  In calculating As for use in this equation bars 
which are terminated at a instance less than their development length from the section 
under consideration shall be ignored (in.2) 
fpo = a parameter taken as modulus of elasticity of prestressing tendons multiplied by the 
locked-in difference in strain between the prestressing tendons and the surrounding 
concrete (ksi). For the usual levels of prestressing, a value of 0.7 fpu will be appropriate 
for both pretensioned and post-tensioned members 
Nu = factored axial force, taken as positive if tensile and negative if compressive (kip) 
Mu = factored moment, not to be taken less than Vudv (kip-in.) 
Vu = factored shear force (kip) 
 Within the transfer length, fpo shall be increased linearly from zero at the location where the 
bond between the strands and concrete commences to its full value at the end of the transfer 
length. 
 The flexural tension side of the member shall be taken as the half-depth containing the 
flexural tension zone, as illustrate in Figure 1. 
 
 The crack spacing parameter sxe, used in Table 2, shall be determined as: 
.80
63.0
38.1 in
a
ss
g
xxe ≤+=        (5.8.3.4.2-4) 
where: 
ag = maximum aggregate size (in.) 
sx = the lesser of either dv or the maximum distance between layers of longitudinal crack 
control reinforcement, where the area of the reinforcement in each layer is not less than 
0.003bvsx, as shown in Figure 3 (in.) 
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Figure 5.8.3.4.2-1 Illustration of Shear Parameters for Section Containing at Least the Minimum 
Amount of Transverse Reinforcement, Vp=0 
 
 
Figure 5.8.3.4.2-2 Longitudinal Strain, εx for Sections Containing Less than the Minimum 
Amount of Transverse Reinforcement 
 
 
Figure 5.8.3.4.2-3 Definition of Crack Spacing Parameter sx 
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Table 5.8.3.4.2-1 Values of θ and β for Sections with Transverse Reinforcement 
 
u
c
v
f ′  
 
εx × 1,000 
≤−0.20 ≤−0.10 ≤−0.05 ≤0 ≤0.125 ≤0.25 ≤0.50 ≤0.75 ≤1.00 
≤0.075 22.3 
6.32 
20.4 
4.75 
21.0 
4.10 
21.8 
3.75 
24.3 
3.24 
26.6 
2.94 
30.5 
2.59 
33.7 
2.38 
36.4 
2.23 
≤0.100 18.1 
3.79 
20.4 
3.38 
21.4 
3.24 
22.5 
3.14 
24.9 
2.91 
27.1 
2.75 
30.8 
2.50 
34.0 
2.32 
36.7 
2.18 
≤0.125 19.9 
3.18 
21.9 
2.99 
22.8 
2.94 
23.7 
2.87 
25.9 
2.74 
27.9 
2.62 
31.4 
2.42 
34.4 
2.26 
37.0 
2.13 
≤0.150 21.6 
2.88 
23.3 
2.79 
24.2 
2.78 
25.0 
2.72 
26.9 
2.60 
28.8 
2.52 
32.1 
2.36 
34.9 
2.21 
37.3 
2.08 
≤0.175 23.2 
2.73 
24.7 
2.66 
25.5 
2.65 
26.2 
2.60 
28.0 
2.52 
29.7 
2.44 
32.7 
2.28 
35.2 
2.14 
36.8 
1.96 
≤0.200 24.7 
2.63 
26.1 
2.59 
26.7 
2.52 
27.4 
2.51 
29.0 
2.43 
30.6 
2.37 
32.8 
2.14 
34.5 
1.94 
36.1 
1.79 
≤0.225 26.1 
2.53 
27.3 
2.45 
27.9 
2.42 
28.5 
2.40 
30.0 
2.34 
30.8 
2.14 
32.3 
1.86 
34.0 
1.73 
35.7 
1.64 
≤0.250 27.5 
2.39 
28.6 
2.39 
29.1 
2.33 
29.7 
2.33 
30.6 
2.12 
31.3 
1.93 
32.8 
1.70 
34.3 
1.58 
35.8 
1.50 
 
 
Table 5.8.3.4.2-2 Values of θ and β for Sections with Less than Minimum Transverse 
Reinforcement 
 
 
sxe 
(in.) 
εx × 1000 
≤–0.20 ≤–0.10 ≤–0.05 ≤0 ≤0.125 ≤0.25 ≤0.50 ≤0.75 ≤1.00 ≤1.50 ≤2.00 
≤5 25.4 
6.36 
25.5 
6.06 
25.9 
5.56 
26.4 
5.15 
27.7 
4.41 
28.9 
3.91 
30.9 
3.26 
32.4 
2.86 
33.7 
2.58 
35.6 
2.21 
37.2 
1.96 
≤10 27.6 
5.78 
27.6 
5.78 
28.3 
5.38 
29.3 
4.89 
31.6 
4.05 
33.5 
3.52 
36.3 
2.88 
38.4 
2.50 
40.1 
2.23 
42.7 
1.88 
44.7 
1.65 
≤15 29.5 
5.34 
29.5 
5.34 
29.7 
5.27 
31.1 
4.73 
34.1 
3.82 
36.5 
3.28 
39.9 
2.64 
42.4 
2.26 
44.4 
2.01 
47.4 
1.68 
49.7 
1.46 
≤20 31.2 
4.99 
31.2 
4.99 
31.2 
4.99 
32.3 
4.61 
36.0 
3.65 
38.8 
3.09 
42.7 
2.46 
45.5 
2.09 
47.6 
1.85 
50.9 
1.52 
53.4 
1.31 
≤30 34.1 
4.46 
34.1 
4.46 
34.1 
4.46 
34.2 
4.43 
38.9 
3.39 
42.3 
2.82 
46.9 
2.19 
50.1 
1.84 
52.6 
1.60 
56.3 
1.30 
59.0 
1.10 
≤40 36.6 
4.06 
36.6 
4.06 
36.6 
4.06 
36.6 
4.06 
41.2 
3.20 
45.0 
2.62 
50.2 
2.00 
53.7 
1.66 
56.3 
1.43 
60.2 
1.14 
63.0 
0.95 
≤60 40.8 
3.50 
40.8 
3.50 
40.8 
3.50 
40.8 
3.50 
44.5 
2.92 
49.2 
2.32 
55.1 
1.72 
58.9 
1.40 
61.8 
1.18 
65.8 
0.92 
68.6 
0.75 
≤80 44.3 
3.10 
44.3 
3.10 
44.3 
3.10 
44.3 
3.10 
47.1 
2.71 
52.3 
2.11 
58.7 
1.52 
62.8 
1.21 
65.7 
1.01 
69.7 
0.76 
72.4 
0.62 
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Excerpt from AASHTO STD – 9.20 Shear 
 
9.20.1 General 
 
9.20.1.1 Prestressed concrete flexural members, except solid slabs and footings, shall be 
reinforced for shear and diagonal tension stresses.  Voided slabs shall be investigated for shear, 
but shear reinforcement may be omitted if the factored shear force, Vu, is less than half the shear 
strength provided by the concrete ΦVc. 
 
9.20.1.2 Web reinforcement shall consist of stirrups perpendicular to the axis of the member or 
welded wire fabric with wires located perpendicular to the axis of the member.  Web 
reinforcement shall extend to a distance d from the extreme compression fiber and shall be 
carried as close to the compression and tension surfaces of the member as cover requirements 
and the proximity of other reinforcement permit.  Web reinforcement shall be anchored at both 
ends for its design yield strength in accordance with the provisions of Article 8.27. 
 
9.20.1.3 Members subject to shear shall be designed so that ( )scu VVV += φ          (9-26) 
Where Vu is the factored shear force at the section considered, Vc is the nominal shear strength 
provided by concrete and Vs is the nominal shear strength provided by web reinforcement.  
 
9.20.1.4 When the reaction to the applied loads introduces compression into the end regions of 
the member, sections located at a distance less than h/2 from the face of the support may be 
designed for the same shear Vu as that computed at a distance h/2. 
   
9.20.2 Shear-Strength Provided by Concrete 
 
9.20.2.1 The shear strength provided by concrete, Vc, shall be taken as the lesser of the values 
Vci or Vcw.  
 
9.20.2.2 The shear strength, Vci, shall be computed by 
max
''6.0
M
MV
VdbfV cridcci ++=        (9-27) 
but need not be less than dbfc
''7.1 and d need not be taken less than 0.8h. 
 The moment causing flexural cracking at the section due to externally applied loads, Mcr, 
shall be computed by: ( )dpcc
t
cr fffY
IM −+= '6         (9-28) 
The maximum factored moment and factored shear at the section due to externally applied 
loads, Mmax and Vi, shall be computed from the load combination causing maximum moment at 
the section. 
 
9.20.2.3 The shear strength, Vcw, shall be computed by ( ) ppcccw VdbffV ++= '' 3.05.3        (9-29) 
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but d need not be taken less than 0.8h.   
 
9.20.2.4 For a pretensioned member in which the section at a distance h/2 from the face of 
support is closer to the end of the member than the transfer length of the prestressing tendons, the 
reduced prestress shall be considered when computing Vcw, The prestress force may be assumed 
to vary linearly from zero at the end of the tendone to a maximum at a distance from the end of 
the tendon equal to the transfer length, assumed to be 50 diameters for strand and 100 diameters 
for single wire. 
 
9.20.2.5 The provisions for computing the shear strength provided by concrete, Vci and Vcw, 
apply to normal weight concrete.  When lightweight aggregate concretes are used (see definition, 
concrete, structural lightweight, Article 8.1.3), one of the following modifications shall apply: 
(a) When fct is specified, the shear strength, Vci and Vcw, shall be modified by substituting 
fct/6.7 for 'cf but the value of fct/6.7 shall not exceed
'
cf . 
(b) When fct is not specified, Vci and Vcw shall be modified by multiplying each term 
containing 'cf by 0.75 for “all lightweight” concrete, and 0.85 for “sand-
lightweight” concrete.  Linear interpolation may be used when partial sand 
replacement is used. 
 
9.20.3 Shear Strength Provided by Web Reinforcement 
 
9.20.3.1 The shear strength provided by web reinforcement shall be taken as: 
s
dfA
V syvs =           (9-30) 
where Av is the area of web reinforcement with in a distance s.  Vs shall not be taken greater than 
dbfc
''8 and d need not be taken less than 0.8h. 
 
9.20.3.2 The spacing of web reinforcing shall not exceed 0.75h or 24 inches.  When Vs exceeds 
4fc’b’d, this maximum spacing shall be reduced by one-half. 
  
9.20.3.3 The minimum area of web reinforcement shall be 
sy
v f
sbA '50=           (9-31) 
where b’and s are in inches and fsy is in psi. 
 
9.20.3.4 The design yield strength of web reinforcement, fsy, shall not exceed 60,000 psi. 
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Excerpt from ACI 318-05 – 11.4 Shear Strength Provided by Concrete for Prestressed 
Members  
 
11.4.1 – For the provisions of 11.4, dp shall be taken as the distance from extreme compression 
fiber to centroid of prestressed and nonprestressed longitudinal tension reinforcement, if any, but 
need not be taken less than 0.8h. 
 
11.4.2 – For members with effective prestress force not less than 40 percent of the tensile 
strength of flexural reinforcement, unless a more detailed calculation is made in accordance with 
11.4.3, 
db
M
dV
fV w
u
pu
cc ⎟⎟⎠
⎞
⎜⎜⎝
⎛ += 7006.0 '        (11-9) 
but Vc need not be taken less than dbf wc
'2 .  Vc shall not be taken greater than dbf wc
'5 or the 
value given in 11.4.4 or 11.4.5.  Vudp/Mu shall not be taken greater than 1.0, where Mu occurs 
simultaneously with Vu at the section considered. 
 
11.4.3 – Vc shall be permitted to be computed in accordance with 11.4.3.1 and 11.4.3.2, where Vc 
shall be the lesser of Vci and Vcw. 
 
11.4.3.1 – Vci shall be computed by  
max
'6.0
M
MV
VdbfV creidpwcci ++=        (11-10) 
where dp need not be taken less than 0.80h and  
( )( )dpectcre fffyIM −+= '6        (11-12) 
and values of Mmax and Vi shall be computed from the load combination causing maximum 
factored moment to occur at the section.  Vci need not be taken less than dbf wc
'7.1 . 
 
11.4.3.2 – Vcw shall be computed by ( ) ppwpcccw VdbffV ++= 3.05.3 '        (11-13) 
where dp need not be taken less than 0.80h.   
Alternatively, Vcw shall be computed as the shear force corresponding to dead load plus live load 
that results in a principal tensile stress of '4 cf at the centroidal axis of member, or at the 
intersection of flange and web when the centroidal axis is in the flange.  In composite members, 
the principal tensile stress shall be computed using the cross section that resists live load. 
 
11.4.4 – In a pretensioned member in which the section at a distance h/2 from face of support is 
closer to the end of the member than the transfer length of the prestressing steel, the reduced 
prestress shall be considered when computing Vcw.  This value of Vcw shall also be taken as the 
maximum limit for Eq. (11-9).  The prestress force shall be assumed to vary linearly from zero at 
end of the prestressing steel, to a maximum at a distance from end of the prestressing steel equal 
to the transfer length, assumed to be 50 diameters for strand and 100 diameters for single wire.   
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11.4.5 – In a pretensioned member where bonding of some tendons does not extend to the end of 
the member a reduced prestress shall be considered when computing Vc in accordance with 
11.4.2 or 11.4.3.  The value of Vcw calculated using the reduced prestress shall also be taken as 
the maximum limit for Eq. (11-9).  The prestress force due to tendons for which bonding does 
not extend to the end of member shall be assumed to vary linearly from zero at the point at which 
bonding commences to a maximum at a distance from this point equal to the transfer length 
assumed to be 50 diameters for strand and 100 diameters for single wire. 
11.5 – Shear Strength Provided by Shear Reinforcement 
 
11.5.1 – Types of Shear Reinforcement 
 
11.5.1.1 – Shear reinforcement consisting of the following shall be permitted: 
 (a)  Stirrups perpendicular to axis of member; 
 (b)  Welded wire reinforcement with wires located perpendicular to the axis of member; 
 (c)  Spirals, circular ties, or hoops. 
 
11.5.2 – The values of fy and fyt used in design of shear reinforcement shall not exceed 60,000 
psi, except the value shall not exceed 80,000 psi for welded deformed wire reinforcement.   
 
11.5.3 – Where the provisions of 11.5 are applied to prestressed members, d shall be taken as the 
distance from extreme compression fiber to centroid of the prestressed and nonprestressed 
longitudinal tension reinforcement, if any, but need not be taken less than 0.80h.   
 
11.5.4 – Stirrups and other bars or wires used as shear reinforcement shall extend to a distance d 
from extreme compression fiber and shall be developed at both ends according to 12.13.   
 
11.5.5 – Spacing Limits for Shear Reinforcement 
 
11.5.5.1 – Spacing of shear reinforcement placed perpendicular to axis of member shall not 
exceed d/2 in nonprestressed members or 0.75h in prestressed members, nor 24 inches. 
 
11.5.5.2 – Inclined stirrups and bent longitudinal reinforcement shall be so spaced that every 45 
degree line, extending toward the reaction from mid-depth of member d/2 to longitudinal tension 
reinforcement, shall be crossed by at least one line of shear reinforcement.   
 
11.5.5.3 – Where Vs exceeds dbf wc
'4 , maximum spacings given in 11.5.5.1 and 11.5.5.2 shall 
be reduced by one-half.   
 
11.5.6 – Minimum Shear Reinforcement 
 
11.5.6.1 – A minimum area shear reinforcement, Av,min, shall be provided in all reinforced 
concrete flexural members (prestressed and nonprestressed) where Vu exceeds 0.5ΦVc, except: 
 (a)  Slabs and footings; 
 (b)  Concrete joist construction defined by 8.11; 
 (c)  Beams with h no greater than the largest of 10 inches, 2.5 times thickness of   flange, 
or 0.5 the width of web. 
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11.5.6.2 – Minimum shear reinforcement requirements of 11.5.6.1 shall be permitted to be 
waived if shown by test that required Mn and Vn can be developed when shear reinforcement is 
omitted.  Such tests shall simulate effects of differential settlement, creep, shrinkage, and 
temperature change, based on a realistic assessment of such effects occurring in service.   
 
11.5.6.3 – Where shear reinforcement is required by 11.5.6.1 or for strength and where 11.6.1 
allows torsion to be neglected, Av,min for prestressed (except as provided in 11.5.6.4) and 
nonprestressed members shall be computed by 
yt
w
cv f
sbfA 'min, 75.0=          (11-13) 
but shall not be less than (50bws)/fyt. 
 
11.5.6.4 – For prestressed members with an effective prestress force not less than 40 percent of 
the tensile strength of the flexural reinforcement, Av,min shall not be less than the smaller value 
from Eq. (11-13) and (11-14).   
wyt
pups
v b
d
df
sfA
A
80min,
=          (11-14) 
 
11.5.7 – Design of Shear Reinforcement 
 
11.5.7.1 – Where Vu exceeds ΦVc, shear reinforcement shall be provided to satisfy Eq. (11-1) 
and (11-2), where Vs shall be computed in accordance with 11.5.7.2 through 11.5.7.9.   
 
11.5.7.2 – Where shear reinforcement perpendicular to axis of member is used, 
s
dfA
V ytvs =           (11-15) 
where Av is the area of shear reinforcement within spacing s.    
 
11.5.7.3 – Where circular ties, hoops, or spirals are used as shear reinforcement, Vs shall be 
computed using Eq. (11-15) where d is defined in 11.3.3 for circular members, Av shall be taken 
as two times the area of the bar in a circular tie, hoop, or spiral at a spacing s, s is measured in a 
direction parallel to the longitudinal reinforcement, and fyt is the specified yield strength of 
circular tie, hoop, or spiral reinforcement.   
 
11.5.7.4 – Where inclined stirrups are used as shear reinforcement,  ( )
s
dfA
V ytvs
αα cossin +=    (11-16) 
where α is angle between inclined stirrups and longitudinal axis of the member, and s is 
measured in direction parallel to longitudinal reinforcement.  
 
11.5.7.5 – Where shear reinforcement consists of a single bar or a single group of parallel bars, 
all bend up at the same distance from the support, 
αsinyvs fAV =          (11-17) 
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but not greater than dbf wc
'3 , where α is angle between bent-up reinforcement and longitudinal 
axis of the member. 
 
11.5.7.6 – Where shear reinforcement consists of a series of parallel bent-up bars or groups of 
parallel bent-up bars at different distances from the support, Vs shall be computed by Eq. (11-16).  
 
11.5.7.7 – Only the center three-fourths of the inclined portion of any longitudinal bent bar shall 
be considered effective for shear reinforcement.   
 
11.5.7.8 – Where more than one type of shear reinforcement is used to reinforce the same portion 
of a member, Vs shall be computed as the sum of the values computed for the various types of 
shear reinforcement.   
 
11.5.7.9 – Vs shall not be taken greater than dbf wc
'8 . 
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A11.2 Provisions for Longitudinal Tensile Reinforcement at a Support 
Excerpt from AASHTO LRFD – 5.8.3.5 Longitudinal Reinforcement 
At each section the tensile capacity of the longitudinal reinforcement on the flexural tension 
side of the member shall be proportioned to satisfy: 
θφφφ cot5.05.0 ⎟⎟⎠
⎞
⎜⎜⎝
⎛ −−++≥+ spuu
v
u
yspsps VV
VN
d
M
fAfA    (5.8.3.5-1) 
where: 
Vs = shear resistance provided by the transverse reinforcement at the section under 
investigation as given by Eq. 5.8.3.3-4, except Vs shall not be taken as greater than Vu/φ 
(kip) 
θ = angle of inclination of diagonal compressive stresses used in determining the nominal 
shear resistance of the section under investigation as determined by Article 5.8.3.4 (°) 
φ = resistance factors taken from Article 5.5.4.2 as appropriate for moment, shear and axial 
resistance 
 
The area of longitudinal reinforcement on the flexural tension side of the member need not 
exceed the area required to resist the maximum moment acting alone. This provision applies 
where the reaction force or the load introduces direct compression into the flexural compression 
face of the member. 
Eq. 1 shall be evaluated where simply-supported girders are made continuous for live loads. 
Where longitudinal reinforcement is discontinuous, Eq. 1 shall be reevaluated. 
 
Excerpt from AASHTO STD – 8.24 Development of Flexural Reinforcement 
 
8.24.1 General 
 
8.24.1.2 Critical sections for development of reinforcement in flexural members are at points of 
maximum stress and at points within the span where adjacent reinforcement terminates or is 
bent.  The provisions of Article 8.24.2.3 must also be satisfied. 
 
8.24.1.2.1 Reinforcement shall extend beyond the point at which it is no longer required to resist 
flexure for a distance equal to the effective depth of the member, 15 bar diameters, or 1/20 of the 
clear span, whichever is greater, except at supports of simple spans and at the free ends of 
cantilevers. 
 
8.24.1.2.2 Continuing reinforcement shall have an embedment length not less than the 
development length ld beyond the point where bent or terminated tension reinforcement is no 
longer required to resist flexure.   
 
8.24.1.3 Tension reinforcement may be developed by bending across the web in which it lies or 
by making it continuous with the reinforcement on the opposite face of the member. 
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8.24.1.4 Flexural reinforcement within the portion of the member used to calculate the shear 
strength shall not be terminated in a tension zone unless one of the following conditions is 
satisfied: 
 
8.24.1.4.1 The shear at the cutoff point does not exceed two-thirds of that permitted, including 
the shear strength of shear reinforcement provided. 
 
8.24.1.4.2 Stirrup area in excess of that required for shear is provided along each terminated bar 
over a distance from the termination point equal to three-fourths the effective depth of the 
member.  The excess stirrup area, Av, shall not be less than 60bws/fy.  Spacing, s, shall not exceed 
d/(8 βb) where βb is the ratio of the area of reinforcement cut off to the total area of tension 
reinforcement at the section.    
 
8.24.1.4.3 For No. 11 bars and smaller, the continuing bars provide double the area required for 
flexure at the cutoff point and the shear does not exceed three-fourths that permitted.  
 
8.24.1.5 Adequate end anchorage shall be provided for tension reinforcement in flexural 
members where reinforcement stress is not directly proportional to moment such as: sloped, 
stepped, or tapered footings; brackets; deep flexural members; or members in which the tension 
reinforcement is not parallel to the compression face. 
 
8.24.2 Positive Moment Reinforcement    
 
8.24.2.1 At least one-third the positive moment reinforcement in simple members and one-
fourth the positive moment reinforcement in continuous members shall extend along the same 
face of the member into the support.  In beams, such reinforcement shall extend into the support 
at least 6 inches. 
 
8.24.2.2 When a flexural member is part of the lateral load resisting system, the positive 
moment reinforcement required to be extended into the support by Article 8.24.2.1 shall be 
anchored to develop the specified yield strength, fy, in tension at the face of the support. 
 
8.24.2.3 At simple supports and at points of inflection, positive moment tension reinforcement 
shall be limited to a diameter such that ld computed for fy by Article 8.25 satisfies Equation (8-
65); except when Equation (8-65) need not be satisfied for reinforcement terminating beyond 
center line of simple supports by a standard hook, or a mechanical anchorage at least equivalent 
to a standard hook.   
ad lV
Ml +≤           (8-65) 
Where M is the computed moment capacity assuming all positive moment tension reinforcement 
at the section to be fully stressed.  V is the maximum shear force at the section.  la at a support 
shall be the embedment length beyond the center of the support.  At a point of inflection, la shall 
be limited to the effective depth of the member or 12 db, whichever is greater.  The value M/V in 
the development length limitation may be increased by 30% when the ends of the reinforcement 
are confined by a compressive reaction. 
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Excerpt from ACI 318-05 – 12.10 Development of Flexural Reinforcement – General  
 
12.10.1 Development of tension reinforcement by bending across the web to be anchored or 
made continuous with reinforcement on the opposite face of member shall be permitted.   
 
12.10.2 Critical sections for development of reinforcement in flexural members are at points are 
at points of maximum stress and at points within the span where adjacent reinforcement 
terminates, or is bent.  Provisions of 12.11.2 must be satisfied. 
 
12.10.3 Reinforcement shall extend beyond the point at which it is no longer required to resist 
flexure for a distance equal to d or 12db, whichever is greater, except at supports of simple spans 
and at free end of cantilevers.   
 
12.10.4 Continuing reinforcement shall have an embedment length not less than ld beyond the 
point where bent or terminated tension reinforcement is no longer required to resist flexure.   
 
12.10.5 Flexural reinforcement shall not be terminated in a tension zone unless 12.10.5.1, 
12.10.5.2, or 12.10.5.3 is satisfied.   
 
12.10.5.1 Vu at the cutoff point does not exceed (2/3)ΦVn. 
 
12.10.5.2 Stirrup area in excess of that required for shear and torsion is provided along each 
terminated bar or wire over a distance (3/4)d from the termination point.  Excess stirrup area 
shall be not less than 60bws/fyt.  Spacing s shal not exceed (d/8)βb.   
 
12.10.5.3 For no. 11 bars and smaller, continuing reinforcement provides double the area 
required for flexure at the cutoff point and Vu does not exceed (3/4)ΦVn.   
 
12.10.6 Adequate anchorage shall be provided for tension reinforcement in flexural members 
where reinforcement stress is not directly proportional to moment, such as: sloped, stepped, or 
tapered footings; brackets; deep flexural members; or members in which tension reinforcement is 
not parallel to compression face.  See 12.11.4 and 12.12.4 for deep flexural members. 
 
12.11 – Development of Positive Moment Reinforcement 
 
12.11.1 At least one-third the positive moment reinforcement in simple members and one-fourth 
the positive moment reinforcement in continuous members shall extend along the same face of 
member into the support.  In beams, such reinforcement shall extend into the support at least 6 
inches.   
 
12.11.2 When a flexural member is part of a primary lateral load resisting system, positive 
moment reinforcement required to be extended into the support by 12.11.1 shall be anchored to 
develop fy in tension at the face of the support. 
 
12.11.3 At simple supports and at points of inflection, positive moment tension reinforcement 
shall be limited to a diameter such that ld computed for fy by 12.2 satisfies Eq. (12-5); except, Eq. 
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(12-5) need not be satisfied for reinforcement terminating beyond centerline of simple supports 
by a standard hook, or a mechanical anchorage at least equivalent to a standard hook.     
a
u
n
d lV
M
l +≤           (12-5) 
where:  
Mn is calculated assuming all reinforcement at the section to be stressed to fy; 
Vu is calculated at the section; 
la at a support shall be the embedment length beyond center of support; or 
la at a point of inflection shall be limited to d or 12db, whichever is greater. 
 
An increase of 30 percent in the value of Mn/Vu shall be permitted when the ends of 
reinforcement are confined by a compressive reaction. 
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A11.3 Development of Prestressing Strands and Debonded Strands 
Excerpt from AASHTO LRFD – 5.11.4 Development of Prestressing Strand 
 
5.11.4.1 General 
In determining the resistance of pretensioned concrete components in their end zones, the 
gradual buildup of the strand force in the transfer and development lengths shall be taken into 
account. 
The stress in the prestressing steel may be assumed to vary linearly from 0.0 at the point 
where bonding commences to the effective stress after losses, fpe, at the end of the transfer 
length. 
Between the end of the transfer length and the development length, the strand stress may be 
assumed to increase linearly, reaching the stress at nominal resistance, fps, at the development 
length. 
For the purpose of this article, the transfer length may be taken as 60 strand diameters and the 
development length shall be taken as specified in Article 5.11.4.2. 
The effects of debonding shall be considered as specified in Article 5.11.4.3. 
 
5.11.4.2 Bonded Strand 
Pretensioning strand shall be bonded beyond the section required to develop fps for a 
development length, ld, in inches, where ld shall satisfy: 
bpepsd dffl ⎟⎠
⎞⎜⎝
⎛ −≥
3
2κ      (5.11.4.2-1) 
where: 
db = nominal strand diameter (inches) 
fps = average stress in prestressing steel at the time for which the nominal resistance of the 
member is required (ksi) 
fpe = effective stress in the prestressing steel after losses (ksi) 
κ = 1.0 for pretensioned panels, piling, and other pretensioned members with a depth of less 
than or equal to 24.0 inches 
κ = 1.6 for pretensioned members with a depth greater than 24.0 inches 
 
 The variation of design stress in the pretensioned strand from the free end of the strand may 
be calculated as follows: 
 
• From the point where bonding commences to the end of the transfer length: 
b
pxpe
px d
lf
f
60
=          (5.11.4.2-3) 
• From the end of the transfer length and to the end of the development of the strand: 
( ) ( )pepsbd bpxpepx ffdl
dl
ff −−
−+=
60
60
      (5.11.4.2-4) 
where: 
lpx = distance from free end of pretensioned stand to section of member under consideration 
(inches) 
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fpx = design stress in pretensioned strand at nominal flexural strength at section of member 
under consideration (ksi) 
 
5.11.4.3 Partially Debonded Strands 
 Where a portion or portions of a pretensioning strand are not bonded and where tension 
exists in the  precompressed tensile zone, the development length, measured from the end of the 
debonded zone, shall be determined using Eq. 5.11.4.2-1 with a value of κ = 2.0. 
The number of partially debonded strands should not exceed 25 percent of the total number 
of strands. 
The number of debonded strands in any horizontal row shall not exceed 40 percent of the 
strands in that row. 
The length of debonding of any strand shall be such that all limit states are satisfied with 
consideration of the total developed resistance at any section being investigated. Not more than 
40 percent of the debonded strands, or four strands, whichever is greater, shall have the 
debonding terminated at any section. 
Debonded strands shall be symmetrically distributed about the centerline of the member. 
Debonded lengths of pairs of strands that are symmetrically positioned about the centerline of the 
member shall be equal. 
 Exterior strands in each horizontal row shall be fully bonded. 
 
Excerpt from AASHTO STD – 9.28 Embedment of Prestressed Strand 
 
9.28.1 Three- or seven-wire pretensioning strand shall be bonded beyond the critical section for 
a development length in inches not less than 
Dff se
*
su ⎟⎠
⎞⎜⎝
⎛ −
3
2          (9-42) 
where D is the nominal diameter in inches, *suf  and fse are in kips per square inch, and the 
parenthetical expression is considered to be without units. 
 
*
suf  =  average stress in prestressing steel at ultimate load 
fse =  effective steel prestress after losses 
 
9.28.2 Investigations may be limited to those cross sections nearest each end of the member 
which are required to develop their full ultimate capacity. 
 
9.28.3 Where strand is debonded at the end of a member and tension at service load is allowed 
in the precompressed tensile zone the development length required above shall be doubled. 
 
Excerpt from ACI 318-05 – 12.9 Development of Prestressing Strand 
 
12.9.1 – Except as provided in 12.9.1.1, seven-wire strand shall be bonded beyond the critical 
section, a distance not less than 
b
seps
b
se
d d
ff
d
f
l ⎟⎟⎠
⎞
⎜⎜⎝
⎛ −+⎟⎠
⎞⎜⎝
⎛=
10003000
       (12-4) 
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The expressions in parentheses are used as constants without units. 
where:  
ld =  development length in tension of pretensioned strand (inches) 
fse =  effective stress in prestressing steels (after allowance for all prestress losses) (psi) 
fps =  stress in prestressing steel at nominal flexural strength (psi) 
db =  nominal diameter of prestressing strand (inches) 
 
12.9.1.1 – Embedment less than ld shall be permitted at a section of a member provided the 
design strand stresses at that section does not exceed values obtained from the bilinear 
relationship defined by Eq. (12-4). 
 
12.9.2 – Limiting the investigation to cross sections nearest each end of the member that are 
required to develop full design strength under specified factored loads shall be permitted except 
where bonding of one or more strands does not extend to the end of the member or where 
concentrated loads are applied within the strand development length.   
 
12.9.3 – Where bonding of a strand does not extend to end of member, and design includes 
tension at service load in precompressed tensile zone as permitted by 18.4.2, ld specified in 
12.9.1 shall be doubled. 
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A11.4 Shear Friction Provisions 
Excerpt from AASHTO LRFD – 5.8.4  Interface Shear Transfer—Shear Friction  
 
5.8.4.1 General 
 
Interface shear transfer shall be considered across a given plane at: 
• An existing or potential crack, 
• An interface between dissimilar materials, 
• An interface between two concretes cast at different times, or 
• The interface between different elements of the cross-section. 
 
The nominal shear resistance of the interface plane shall be taken as: 
 
n cv vf y cV cA A f P⎡ ⎤= + μ +⎣ ⎦           (5.8.4.1-1) 
 
The nominal shear resistance, Vn, used in the design shall not be greater than the lesser of: 
 
0.2n c cvV f A′≤  , or         (5.8.4.1-2) 
 
0.8n cvV A≤            (5.8.4.1-3) 
 
where: 
 
Vn = nominal shear resistance (kip) 
Acv = area of concrete engaged in shear transfer (in.2) 
Avf = area of shear reinforcement crossing the shear plane (in.2) 
fy = yield strength of reinforcement (ksi) 
c = cohesion factor specified in Article 5.8.4.2 (ksi)  
μ = friction factor specified in Article 5.8.4.2 
Pc = permanent net compressive force normal to the shear plane; if force is tensile,  
Pc = 0.0 (kip) 
f′c  = specified 28-day compressive strength of the weaker concrete (ksi) 
 
Reinforcement for interface shear between concretes of slab and beams or girders may 
consist of single bars, multiple leg stirrups, or the vertical legs of welded wire fabric. The 
cross-sectional area, Avf, of the reinforcement per unit length of the beam or girder should satisfy 
either that required by Eq. 1 or: 
 
0.05 v
vf
y
  bA    
f
≥  (5.8.4.1-4) 
 
where: 
bv = width of the interface (in.) 
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The minimum reinforcement requirement of Avf may be waived if Vn/Acv is less than 0.100 ksi. 
 
For beams and girders, the longitudinal spacing of the rows of reinforcing bars shall not 
exceed 24.0 in. 
Net tension force across shear plane, where it exists, shall be resisted by reinforcement 
additional to that required for shear. 
Shear friction reinforcement shall be anchored to develop the specified yield strength on both 
sides of the shear plane by embedment, hooks, or welding. 
The bars shall be anchored in both the beam or girder and the slab. 
 
5.8.4.2 Cohesion and Friction 
 
The following values shall be taken for cohesion factor, c, and friction factor, μ:  
• For concrete placed monolithically 
 c = 0.150 ksi 
 μ = 1.4λ 
 
• For concrete placed against clean, hardened concrete with surface intentionally roughened
to an amplitude of 0.25 in. 
 c = 0.100 ksi 
 μ = 1.0λ 
 
• For concrete placed against hardened concrete clean and free of laitance, but not
intentionally roughened 
 c = 0.075 ksi 
 μ = 0.6λ 
 
• For concrete anchored to as-rolled structural steel by headed studs or by reinforcing bars
where all steel in contact with concrete is clean and free of paint 
 c = 0.025 ksi 
 μ = 0.7λ 
 
The following values shall be taken for λ: 
 
• For normal weight concrete………………. 1.00 
• For sand-lightweight concrete……………. 0.85 
• For all-lightweight concrete…........……… 0.75 
For brackets, corbels, and ledges, the cohesion factor, c, shall be taken as 0.0. 
Linear interpolation for λ may be applied in case of partial sand replacement. 
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Excerpt from AASHTO STD – 8.15.5.4 Shear Friction 
 
8.15.5.4.1 Provisions for shear-friction are to be applied where it is appropriate to consider 
shear transfer across a given plane, such as: an existing or potential crack, an interface between 
dissimilar materials, or an interface between two concretes cast at different times. 
 
8.15.5.4.2 A crack shall be assumed to occur along the shear plane considered.  Required area 
of shear-friction reinforcement Avf across the shear plane may be designed using either Article 
8.15.5.4.3 or any other shear transfer design method that results in prediction of strength in 
substantial agreement with results of comprehensive tests.  Provisions of Articles 8.15.5.4.4 
through 8.15.5.4.8 shall apply for all calculations of shear transfer strength.   
 
8.15.5.4.3 Shear-friction Design Method 
 
(a) When shear-friction reinforcement is perpendicular to the shear plane, area of shear-
friction reinforcement Avf shall be computed by: 
 μsvf f
VA =          (8-10) 
      where μ is the coefficient of friction in accordance with Article 8.15.5.4.3(c).    
(b) When shear-friction reinforcement is inclined to the shear plane such that the shear force 
produces tension in the shear-friction reinforcement, the area of shear-friction 
reinforcement Avf  shall be computed by: 
      
)cossin( ffs
vf f
VA ααμ +=        (8-11) 
      where αf is the angle between the shear-friction reinforcement and the shear plane. 
(c) Coefficient of fricion μ in Equations (8-10) and (8-11) shall be: 
concrete placed monolithically……………………………………………..1.4λ 
concrete placed against hardened concreted with intentionally roughened surface as 
specified in Article 8.15.5.4.7………………………………………………1.0λ 
concrete placed against hardened concrete not intentionally roughened…...0.6λ 
concrete anchored to as-rolled structural steel by headed studs or by reinforcing bars (see 
Article 8.15.5.4.8)…………………………………………………………..0.7λ 
where λ = 1.0 for normal weight concrete; 0.85 for “sand-lightweight” concrete; and 0.75 
for “all lightweight” concrete.  Linear interpolation may be applied when partial sand 
replacement is used. 
 
8.15.5.4.4 Shear stress v shall not exceed 0.09f’c nor 360 psi. 
 
8.15.5.4.5 Net tension across the shear plane shall be resisted by additional reinforcement.  
Permanent net compression across the shear plane may be taken as additive to the force in the 
shear-friction reinforcement Avffs, when calculating required Avf. 
 
8.15.5.4.6 Shear-friction reinforcement shall be appropriately placed along the shear plane and 
shall be anchored to develop the specified yield strength on both sides by embedment, hooks, or 
welding to special devices. 
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8.15.5.4.7 For the purpose Article 8.15.5.4, when concrete is placed against previously 
hardened concrete, the interface shear transfer shall be clean and free of laitance.  If μ is assumed 
equal to 1.0λ, the interface shall be roughened to a full amplitude of approximately ¼ inch.     
 
8.15.5.4.8 When shear is transferred between steel beams or girders and concrete using headed 
studs or welded reinforcing bars, steel shall be clean and free of paint. 
 
 
 
Excerpt from ACI 318-05 – 11.7 Shear Friction 
 
11.7.1 – Provisions of 11.7 are to be applied where it is appropriate to consider shear transfer 
across a given plane, such as: an existing or potential crack, an interface between dissimilar 
materials, or an interface between two concretes cast a different times.   
 
11.7.2 – Design of cross sections subject to shear transfer as described in 11.7.1 shall be based 
on Eq. (11-1), where Vn is calculated in accordance with provisions of 11.7.2 or 11.7.4.  
 
11.7.3 – A crack shall be assumed to occur along the shear plane considered.  The required area 
of shear-friction reinforcement Avf across the shear plane shall be designed using either 11.7.4 or 
any other shear transfer design methods that result in prediction of strength in substantial 
agreement with results of comprehensive tests.    
 
11.7.3.1 – Provisions of 11.7.5 through 11.7.10 shall apply for all calculations of shear transfer 
strength. 
 
11.7.4 – Shear-friction design method 
 
11.7.4.1 – Where shear-friction reinforcement is perpendicular to the shear plane, Vn shall be 
computed by 
μyvfn fAV =           (11-25) 
where μ is coefficient of friction in accordance with 11.7.4.3. 
 
11.7.4.2 – Where shear-friction reinforcement is inclined to the shear plane, such that the shear 
force produces tension in shear-friction reinforcement, Vn shall be computed by 
)cossin( ααμ += yvfn fAV         (11-26) 
where α is angle between shear-friction reinforcement and shear plane. 
 
11.7.4.3 – The coefficient of friction μ in Eq. (11-25) and Eq. (11-26) shall be taken as: 
 Concrete placed monolithically…………………………………………....1.4λ 
Concrete placed against hardened concrete with surface intentionally roughened as 
specified in 11.7.9………………………………………………………….1.0λ 
 Concrete placed against hardened concrete not intentionally roughened.....0.6λ 
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Concrete anchored to as-rolled structureal steel by headed studs or by reinforcing bars 
(see 11.7.10)………………………………………………………………..0.7λ 
where λ=1.0 for normalweight concrete, 0.85 for sand-lightweight concrete and 0.75 for all 
lightweight concrete.  Linear interpolation shall be permitted if partial sand replacement is used. 
 
11.7.5 – Vn shall not be taken greater than the smaller of 0.2f’cAc and 800Ac, where Ac is area of 
concrete section resisting shear transfer.   
 
11.7.6 – The value of fy used for design of shear-friction reinforcement shall not exceed 60,000 
psi.    
 
11.7.7 – Net tension across shear plane shall be resisted by additional reinforcement.  Permanent 
net compression across shear plane shall be permitted to be taken as additive to Avffy, the force in 
the shear-friction reinforcement, when calculating required Avf.   
 
11.7.8 – Shear-friction reinforcement shall be appropriately placed along the shear plane and 
shall be anchored to develop fy on both sides by embedment, hooks, or welding to special 
devices.   
 
11.7.9 – For the purpose of 11.7, when concrete is placed against previously hardened concrete, 
the interface for shear transfer shall be clean and free of laitance. If μ is assumed equal to 1.0λ, 
interface shall be roughened to a full amplitude of approximately ¼ in.   
 
11.7.10 – When shear is transferred between as rolled steel and concrete using headed studs or 
welded reinforcing bars, steel shall be clean and free of paint.   
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Appendix 12 
DISPLACEMENT DATA ANALYSIS TECHNIQUES 
 
 As discussed previously, the distribution of strains in the end region of a prestressed 
concrete bridge girder is quite complex.  The end region is defined as a discontinuity region due 
to the concentrated force at the support and the development of the prestressing stands.  The 
main purpose of this appendix is to describe and demonstrate the ability of tools that have been 
developed to post-process data acquired by the Krypton System.  This information will be used 
in conjunction with data from concrete surface strain gages and strain data from the reinforcing 
steel to gain a deeper understanding of specific factors affecting the behavior of end regions.  
Additionally, finite element analysis of the girders has been completed using Vector2; the 
information gained from this analysis can be used to determine the elastic strain distributions 
prior to loading that are not captured by the instrumentation and aid in the interpretation of 
experimental test data.  The information presented in this chapter is intended to demonstrate the 
ability to post-process the data obtained from the tests in a significant way that can contribute to 
achieving the objectives of this research.    
 
A12.1 Krypton System Data Reduction    
  
 The amount of data that is gathered by the Krypton System is extremely dense.  Each 
infrared LED (light emitting diode) target provides its position in three-dimensional space with 
respect to time throughout the duration of a test.  This level of information affords an infinite 
number of data analysis possibilities and requires the use of automated data analysis techniques 
to take full advantage of the available information in an efficient manner. 
 
A12.1.1 Available Data 
 
 As mentioned in Chapter 4, two different versions of the Krypton System have been used 
for testing at the University of Illinois.  The first system used the RODYM 6D camera and was 
used to test several of the early girders.  When the K-600 system became available the Krypton 
System was upgraded and the remaining tests were carried out with the upgraded equipment.  
The data obtained with the RODYM 6D camera is not as accurate as the data that was gathered 
with the K600 which can determine the position of an LED target to an accuracy of +/- 0.02 mm.  
This level of accuracy allows strain measurements to be discerned from displacement 
measurements provided that there is a sufficient gage length between the LED targets.  All of the 
available data will be reviewed and post-processed.  Unfortunately, some testing took place 
without the Krypton System due to maintenance issues associated with the equipment.    
 The circles in Figure A12.1 represent the typical layout of Krypton targets in the end 
region of a girder.  The typical layout consisted of 99 targets arranged in 9 rows and 11 columns.  
The rows were spaced at 5 inch intervals covering the central 40 inches of the 45-inch clear 
height of the web.  The columns were spaced at 10 inch intervals over a 100 inch length of the 
web that started 5 inches behind the center line of the support and extended 95 inches towards 
mid-span. The decision was made to space the targets at 5 inches vertically and 10 inches 
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horizontally because greater deformations and variability in the distribution of measurements 
were expected in the vertical direction.  Displacement measurements were acquired at a rate of 1 
per second for each LED throughout the duration of a typical test and the displacement data was 
correlated with the applied load data. 
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Figure A12.1 Typical Layout of Krypton Targets 
The number of targets placed on a girder affords a myriad of analysis possibilities.  At the 
most basic level displacement measurements for every target can be evaluated.  Further analysis 
of the displacements with some additional post processing can provide the linear strain between 
any two targets located on the girder.  This result is especially useful for evaluating distributions 
of vertical, horizontal, and diagonal strains.  Strains between individual targets can also be 
combined to calculate the magnitude and direction of principal strains.  Combining detailed 
strain distributions with crack patterns, data obtained from concrete surface gages, and strain 
gages embedded on shear reinforcement can provide significant insight into the behavior of end 
regions.  It should be noted that the Krypton data does not take into account strains that are a 
result of the release of the prestressing strands or strains caused by the construction of the cast-
in-place deck.  The Krypton targets were applied to the girder immediately prior to testing.  The 
Krypton data can be used in conjunction with Vector2 finite element analysis results to estimate 
strain as a result of both initial prestressing and the applied uniformly distributed load.  
 
A12.1.2 Post Processing - National Instruments DIAdem 
 
 The data gathered by the Krypton System for any one test could exceed 10 million 
numeric entries.  In an effort to manage and interpret the large amount of data the author chose to 
utilize a program called DIAdem that has been developed and distributed by National 
Instruments.  DIAdem provides a universal platform for managing, analyzing, and reporting data 
that has been gathered from more than one source.  The program is capable of handling 
extremely large data files that can contain upwards of 100 billion data points.  This capability 
allows it to handle a file with 10 million points with ease.  It also enables a researcher to write 
custom programs in a VBScript interface to post-process, filter, and analyze complex data sets in 
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an efficient manner that is necessary when handling large amounts of data.  The remainder of 
this section will focus on describing the methods that were implemented within DIAdem to post-
process the Krypton data. 
 As mentioned in the previous section it is desirable to obtain strain information from the 
Krypton data.  DIAdem provides an exceptional tool for accomplishing this goal.  Several 
programs have been written in the VBScript interface for use in DIAdem to determine the strain 
between two Krypton targets.  The programs are quite flexible and enable the calculation of an 
entire field of vertical or horizontal strains as well as the ability to determine the strain between 
any number of targets selected by the user.  Additional scripts have also been written that can 
calculate the magnitude and direction of principal strains from a group of 4 targets that make up 
the corners of a rectangle.   
 The basic algorithm that was implemented to calculate the strain between two LED 
targets in all of the VBScripts is described here.  First, the distance between the two targets of 
interest was calculated at each entry in the data file.  Next, an average value was calculated from 
the first 20 entries of the calculated distance (the first 20 entries were selected because no load 
was applied to the girder during the first 20 seconds of any given test).  This value represents the 
original distance between targets and is used as a baseline to determine the change in the distance 
between the targets of interest.  Finally, the strain is calculated by dividing the change in distance 
by the original distance.  A moving average algorithm is then implemented to smooth the data.  
Special care was taken when implementing the moving average smoothing method to ensure that 
data was not being distorted.  Figure A12.2 presents a comparison of calculated strain data and 
smoothed strain data and demonstrates that information is not being lost due to the data 
smoothing process.  The presented data is the measured vertical strain between two 
representative LED targets plotted with respect to time for the duration of a test.   
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Figure A12.2 Example of Smoothed Data 
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A12.1.3 Sampling of Post-Processed Data 
 
 Detailed post-processed data from the West end of girder 10 is presented in this section.  
Selected vertical, horizontal, shear, and diagonal strain distributions are included to demonstrate 
the capabilities of the analysis tools that have been developed to process the Krypton data.  The 
experimental results are presented first with a figure highlighting which Krypton targets were 
used to derive the results followed by plots of the results obtained from these LED targets.  All 
strain results that are reported in this section are referenced to the location of the targets used to 
calculate the strain value.  The coordinate axis located at the left hand side of Figure A12.1 was 
used to describe the coordinate system used for the locations of strain measurements.  The 
coordinate value used to describe the location of a particular strain corresponds to the midpoint 
between the two targets that were used to calculate that strain value.  Figures that include 
references to the applied load are based on the six load levels of 1.2 kips/ft, 10 kips/ft, 20 kips/ft, 
30 kips/ft, 40 kips/ft and 42.8 kips/ft.  The level of 1.2 kips/ft corresponds to the dead load of the 
girder and the testing equipment while the applied load of 42.8 kips/ft was the load acting on 
Girder 10 immediately before its West end failed.         
 Figure A12.3 shows a typical end region of a girder with the location of the Krypton 
targets marked.  The four groups of targets that are outlined in rectangles were used to evaluate 
vertical strain distributions along those lines over the height of the web.  Each line of 9 targets 
allows for the calculation of 8 strains with a gage length of 5 inches each.  Figure A12.4 displays 
the plots that correspond to the locations labeled (a) through (d) on Figure A12.3.  The vertical 
axis of each plot in Figure A12.4 represents the height up the web corresponding to location of 
the strain measurement.  The horizontal axis is the value of measured strain in micro-strain.  
Each line on the plot represents the strain distribution at a particular applied load as indicated by 
the legend.  As expected, a large variation of the strain throughout the depth of the web was 
measured.  High values of strain correspond to the location of larger cracks in the web of the 
girder.  Figure A12.5(a) shows the distribution of average strain along the length of the end 
region for each column of targets.  The average strain was calculated by using the displacements 
from the top and bottom targets in each column.  The horizontal axis represents the location 
along the length of the girder referenced to the centerline of the support and the vertical axis 
represents the measured value of the average strain in micro-strain.  Each line on the plot shows 
the strain distribution that corresponds to the applied load indicated in the legend.  Figure 
A12.5(b) displays the applied load versus the average strain for each of the four columns of 
targets (a through d) indicated in Figure A12.3. 
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Figure A12.3 Layout of Krypton Targets for Selected Vertical Strain Measurements 
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Figure A12.4 Plots of Vertical Strain Distributions: (a) distribution at x = 35”, (b) distribution at 
x = 55”, (c) distribution at x = 75”, (d) distribution at x = 95” 
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Figure A12.5 Average Vertical Strain Plots: (a) Average Vertical Stain Distribution, (b) Applied 
Load vs. Average Vertical Strain 
 
Figure A12.6 displays a typical girder end region with the locations of the Krypton 
targets marked.  The targets outlined in rectangles were used to measure horizontal strain 
distributions at the bottom and the mid-height of the web.  Each line consists of 11 targets and 
this allowed for 10 individual strain measurements to be calculated, each with a gage length of 
10 inches.  Figures A12.7 (a) and (b) present the horizontal strain distributions corresponding to 
the labels (a) and (b) in Figure A12.6.  In the plots in Figure A12.7, the vertical axis corresponds 
to the measured horizontal strain value in micro-strain while the horizontal axis is the horizontal 
position along the length of the girder where the strain measurements were taken in inches.  Each 
line on the plots represents the horizontal strain distribution corresponding to an applied load as 
indicated in the plot legend.  Figure A12.8 displays the average horizontal strain values for the 
horizontal lines labeled (a) and (b) in Figure A12.6.  The vertical axis presents the applied load 
and the horizontal axis is the measured average horizontal strain.  As expected, the average 
horizontal strain at the bottom of the web exceeds the average horizontal strain at mid-height. 
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Figure A12.6 Layout of Krypton Targets for Selected Horizontal Strain Measurements 
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Figure A12.7 Plots of Horizontal Strain Distributions: distribution at y = 13”, distribution at y = 
33” 
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Figure A12.8 Applied Load vs. Average Horizontal Strain 
 
Figure A12.9 displays the typical layout of Krypton targets on the end region of a girder.  
The targets that are outlined in long rectangles, labeled (a) and (b), are used to calculate average 
shear strain values based on a 40 inch by 40 inch square section of the web.  The targets that are 
outlined in short rectangles, labeled (c) and (d), were used to calculate average shear strains 
based on a 20 inch by 20 inch square section of the web that is aligned with the mid-height of the 
web.  Figure A12.10 displays the average shear strain values corresponding to the different 
measurement configurations (a) through (d).  The vertical axis is the applied load while the 
measured average shear strain is shown on the horizontal axis. 
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Figure A12.9 Layout of Krypton Targets for Selected Shear Strain Measurements 
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Figure A12.10 Applied Load vs. Average Shear Strain 
 
 Figure A12.11 highlights which targets in the typical layout were used to measure 
diagonal compressive strains.  The rectangle, labeled (a), that is oriented at a 45 degree angle, 
includes 5 targets, and allows for the measurement of four compressive strain values.  The 
rectangle, labeled (b), that is oriented at a 26.5 degree angle, includes 9 targets, and allows for 
the measurement of eight compressive strain values.  Figures A12.12(a) and (b) show plots of the 
compressive strain distributions corresponding to the lines (a) and (b) labeled in Figure A12.11.  
The horizontal axis represents the horizontal distance along the length of the girder where the 
strain measurement was taken.  The vertical axis presents the value of the diagonal compressive 
strain in micro-strain.  Each line on the plot represents the distribution of diagonal compressive 
strain for an applied load value as indicated in the legend.  Figure A12.13 shows the average 
diagonal compressive strain along lines (a) and (b) from Figure A12.11.  The vertical axis 
corresponds to the applied load while the horizontal axis represents the value of the average 
diagonal compressive strain. 
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Figure A12.11 Layout of Krypton Targets for Selected Diagonal Strain Measurements 
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Figure A12.12 Plots of Diagonal Compressive Strain Distributions: (a) distribution at 45 degrees, 
(b)  distribution at 26.5 degrees 
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Figure A12.13 Applied Load vs. Average Diagonal Compressive Strain 
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Figure A12.14 shows which targets in the typical layout were used to measure the 
distribution of diagonal tensile strain.  The targets outlined by rectangles that are labeled (a) and 
(b) each include five targets, were used to measure four diagonal strain values, and are oriented 
along a 45 degree angle.  Figures A12.15 (a) and (b) display plots of the diagonal tensile strain 
distributions that correspond to the labels (a) and (b) on Figure A12.14.  Again, the horizontal 
axis corresponds to the horizontal position of the strain measurement along the length of the 
girder.  The vertical axis displays the value of the diagonal tensile strain.  Each line on the plot 
displays the distribution of the diagonal tensile strain corresponding to a value of the applied 
load as indicated in the legend.  Figure A12.16 shows the average diagonal tensile strain along 
the lines (a) and (b).  Again, the vertical axis corresponds to the applied load while the horizontal 
axis displays the average value of the diagonal tensile strain. 
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Figure A12.14 Layout of Krypton Targets for Selected Diagonal Strain Measurements 
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Figure A12.15 Plots of Diagonal Tensile Strain Distributions: (a) distribution for line a, (b) 
distribution for line b 
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Figure A12.16 Applied Load vs. Average Diagonal Tensile Strain 
 
A12.2 Concrete Surface Gage Data 
 The data collected by selected concrete surface strain gages from Girder 10 is presented 
to illustrate the measured concentration of compressive straining that occurred due to the 
funneling of the diagonal compression forces into the support as well as the factors that 
influenced the measured magnification in straining.  
 Figure A12.17 presents the positions of selected strain gages on Girder 10 and the 
measured change in strain in these gages due to the applied external loading. At the onset of 
diagonal cracking, the rate of compressive straining in gages close to the support increased more 
rapidly than in gages further from the support. The East end of Girder 10 anchored 34 straight 
strands of which eight were debonded while the West end of Girder 10 anchored 34 strands of 
which 8 were draped and splayed over the depth at the end of the girder. As shown, the average 
magnification of the straining in the West end region is smaller than in the East end due to the 
effectiveness of the draping and splaying of the strands at providing a larger region for anchoring 
of the diagonal compressive force.  
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(a) Girder10 East (b) Girder10 West 
Figure A12.17 Plots of Concrete Surface Strain Gage Data 
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